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Abstract

In the past few years, the construction of multi-storey timber buildings has increased signifi-

cantly in locations where high intensity ground motions are likely to occur. On the other hand,

the fast development of wood engineered products, as glued-laminated timber (GLT) and cross-

laminated timber (CLT), has been challenging researchers to provide adequate guidelines for

design and assessment of structures built in seismic regions. Some guidelines and analysis

methods considered in seismic design can improve robustness, which is commonly described as

the ability of structures to sustain limited damage without disproportionate effects. This thesis

main objective is the development of numerical modeling approaches for seismic and robustness

assessment of multi-storey timber buildings. The work is divided in three distinct parts that

complement each other. First, given the importance of diaphragms to transfer inertial loads

to the lateral resisting systems, a phenomenological computational model approach for CLT

diaphragms was proposed and validated by comparing numerical results to experimental data

obtained from a two-story full-scale building tested on a shake-table.

A second part of the thesis focused on the seismic performance of a three-story building through

a probabilistic approach, which accounts for uncertainties in mechanical properties of members

and connections. Nonlinear static analyses and multi-record incremental dynamic analyses were

performed to characterize the q-factor and develop fragility curves for different damage levels.

The results indicate that the detailing requirements of Eurocode 5 and Eurocode 8 are sufficient

to achieve the required performance, even though they also indicate that these requirements

can be optimized to achieve more cost-effective connections and members.

Finally, the progressive collapse potential of seismic resistant heavy-timber structures was stud-

ied through an alternate load path analysis (ALPA). This robustness assessment involved non-

linear static analyses (pushdown analyses) that include uncertainties related to material prop-

erties and applied loads. Fragility functions were developed for different column loss scenarios

and for two distinct diaphragm solutions. The first one makes use of cross-laminated timber

(CLT) panels connected with half-lap joints, while the second solution consists of a low weight

solution with 18 mm oriented strand boards fastened to the GLT joists. The results indicate

that the structural capacity for developing alternative load paths is highly dependent on the

rotational capacity of connections.
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Resumo

Nos últimos anos, a construção de edif́ıcios de madeira de vários andares, em regiões śısmicas,

tem aumentado significativamente. Por outro lado, o rápido desenvolvimento na produção

de produtos derivados de madeira, como lamelados colados (GLT) e lamelados colados cruza-

dos (CLT), tem desafiado investigadores de todo o mundo a propor critérios adequados para o

dimensionamento e avaliação de estruturas constrúıdas em regiões śısmicas, que por sua vez po-

dem também aumentar a robustez, comummente descrita como a capacidade da estrutura para

resistir a uma falha local, sem atingir ńıveis de dano desproporcionados. Esta tese tem como ob-

jectivo o desenvolvimento de metodologias de modelação numérica para avaliação śısmica e de

robustez de edif́ıcios de madeira de vários andares. Este trabalho divide-se em três partes distin-

tas, mas que se complementam. Primeiro, dada a importância dos diafragmas na transferência

de forças de inércia para os sistemas de resistência lateral, uma abordagem fenomenológica para

modelação numérica dos diafragmas da CLT foi proposta e validada, comparando os resultados

numéricos com os dados experimentais obtidos num ensaio de mesa śısmica de um edif́ıcio de

dois andares.

A segunda parte da tese focou-se no desempenho śısmico de um edif́ıcio de três andares através

de uma análise probabiĺıstica, que contabiliza as incertezas nas propriedades mecânicas dos el-

ementos e das ligações. Análises estáticas não lineares e incrementais dinâmicas, com múltiplos

registos śısmicos foram utilizadas para caracterizar o coeficiente de comportamento e desen-

volver curvas de fragilidade para diferentes ńıveis de dano. Os resultados indicam que os requi-

sitos de pormenorização dos Eurocódigos são suficientes para alcançar o desempenho exigido,

embora contraponham que esses requisitos podem ser otimizados de forma a obter ligações e

elementos com uma menor razão custo-benef́ıcio.

Finalmente, o potencial para o colapso progressivo de estruturas em madeira, resistentes a

sismos, foi estudado através de uma análise de caminhos alternativos de carga (ALPA). Esta

avaliação de robustez envolveu análises estáticas não lineares (análise pushdown), que inclúıram

incertezas relacionadas com as propriedades do material e com as cargas aplicadas. As funções

de fragilidade foram desenvolvidas para diferentes cenários de perda de elementos e para duas

tipologias de diafragma. O primeiro tipo consiste em painéis de CLT ligados através de ligações

mecânicas, enquanto o segundo tipo consiste numa solução de baixo peso com placas de 18 mm

de OSB fixas a vigas de GLT. Os resultados indicam que a capacidade estrutural para desen-

volver caminhos alternativos de carga é substancialmente dependente da capacidade de rotação

das ligações.
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Chapter 1

Introduction

1.1 Motivation

In the past few years, the construction of multi-story timber buildings has increased signifi-

cantly. This fact can be associated with the use of wood engineered products such as glued-

laminated timber (GLT) and cross-laminated timber (CLT) that enable construction efficiency

and reduce the environmental impacts (Harte, 2017). This thesis focuses on multi-story heavy-

timber buildings in seismic zones, which are characterized by members with greater cross-

sections than the ones used in light-timber frames, produced mainly with GLT and CLT,

enabling larger spans and greater fire safety (Pei et al., 2014; American Wood Council, 2003).

For the implementation of these buildings in high seismicity regions as Portugal, Italy, Greece,

Turkey, the west coast of the United States or Japan, research has to provide adequate guide-

lines for seismic and robustness analysis. Hence, the importance of providing practitioners with

reliable tools that can be used for the analysis and design of this type of buildings (Pei et al.,

2014).

Timber is a material with a low weight-to-strength ratio, which is suitable for locations where

high intensity ground motions are likely to occur. On the other hand, the performance of

timber structures under intense earthquake ground shaking depends strongly on the type of

failure modes, and in particular, their ductility (H. Blaß et al., 1994). The failure of timber

elements is usually brittle, whereas the failure of connections between timber elements can be

ductile. Being constructed in seismic areas, the requirements promoted by the design codes
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are objectively more strict regarding connections and the sizes of timber members. Such rec-

ommendations influence positively the ductility of the structures. Design recommendations for

timber structures focus on the formation of inelastic deformations on connections by increasing

the slenderness of connectors, guaranteeing that failure occurs after yielding of the connectors,

and thus enhancing the capacity of joints to withstand large inelastic deformations without

rupture. Moreover, seismic resistant multi-story buildings must have adequate bi-directional

resistance and stiffness, which is associated with symmetry and uniformity. Such characteris-

tics are also important to prevent torsional effects. Diaphragms are another key component of

the seismic resisting system since these allow the inertial forces to be transferred to the differ-

ent vertical structural components. Consequently, adequate strength and deformation capacity

must be provided to the connections, between floors and the lateral resisting systems, ensuring

the continuity of the load transfer mechanisms.

Robustness is another concept equally important when studying multi-story timber buildings,

which is described as the ability of structures to avoid progressive collapse due to a local

damage resulting from an unpredictable event(Branco & Neves, 2011). Some of the aspects

sought in seismic resistant structures are also part of the recommendations provided by design

codes against progressive collapse due to unpredictable events like explosions and impacts. For

multi-story timber buildings, robustness is strongly dependent on the structures capacity to

redistribute loads to undamaged parts, and thus, on its redundancy and ductility. After the

loss of a load bearing element, alternate load paths can be triggered through the capacity of

connections to rotate accompanying the development of tension stresses in beams and floors.

Moreover, in structures where long continuous beams are used, this process can be substituted

by an increment of bending forces, while the connections between these elements and the floor

components withstand large deformations without experiencing brittle failure modes such as

splitting, tension perpendicular to the grain and shear block. Another mechanism likely to occur

is the membrane action of CLT floors, which is also dependent on the inter-panel connections.

The formation of alternative load-paths is crucial to withstand local failures, but only if the

intact members have adequate over-strength. Otherwise, the damage can be extended to adja-

cent bays and a progressive collapse can occur that can be considered disproportionate to the

original cause. Considering this, it is paramount to investigate if structures designed against

earthquakes are able to avoid progressive collapse or, on the contrary, if their given capacity to

2



redistribute loads, will initiate or worsen a situation of disproportionate collapse.

The accuracy of seismic and robustness analyses requires reliable representation of connections’

behavior and timber mechanical properties. The uncertainties concerning connections regard

not only the values of strength and stiffness properties, but also the shape of the post-yielding

branch of the force-deformation curves. This has contributed to the standardization of anal-

yses methods, for the design of multi-story timber buildings in seismic regions, that do not

explicitly consider the inelastic behavior of joints. Uncertainties in joints are related to the

connectors used, its geometry (e.g. group effect) and the mechanical properties of timber such

as density and embedment strength. Timber, as a natural material, presents a high variability

in its mechanical properties (Faber et al., 2011), which contributes directly to an increase in the

uncertainties associated with the expected strength and peak drift capacities of timber struc-

tures. In literature, there is an absence of studies where material uncertainties are considered to

compute the ductility properties of timber structures, being therefore crucial the development

of studies that account for material uncertainties, as well as, the uncertainties associated with

the seismic loading (Foliente, 1997). Together with the quantification of uncertainties inherent

to the structure, there is also the necessity to account for uncertainties related to the seismic

demand through record-to-record variability.

The failure of several timber long-span roof in Europe under expected snow loads has shown

that design and/or construction errors, unexpected deterioration, or even unexpected loading

can lead to consequences far greater than the initial event. Robustness methods have been

applied to evaluate the susceptibility of these type of structures to these events in order to

find better design and construction regulations. Nevertheless, few studies (Lyu et al., 2018;

Bita & Tannert, 2017; Huber et al., 2018) have been carried out regarding numerical models

development for progressive collapse assessment of multi-story timber buildings. Such models

require advanced three-dimensional finite element models that are able to capture material and

geometric nonlinearities, as well as, elements removal due to brittle failures.

All these factors support the necessity of providing numerical modeling strategies for seismic and

robustness assessment and design. Particularly in assessment, one must take into consideration

the uncertainties related to hazard and inherent variability of timber mechanical properties and

connections.
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1.2 Relevant multi-story heavy-timber buildings

There are already several examples of constructed multi-story heavy-timber buildings that can

attest their structural potential, low carbon footprint, and fast construction. Considering the

type of buildings analyzed in this thesis, the examples provided focus on glulam (GLT) post-

and-beam structures with floors made of CLT panels, which provide high in-plane stiffness.

The Albina Yard, presented in Figure 1.1, is a 4-story (total height of 15.39 m) office building

designed against earthquakes, given its location in Portland, Oregon. The gravity frame is com-

posed by a glulam post-and-beam structure (Figure 1.1b), with connections executed through

concealed steel connectors, and Douglas-fir CLT floor/roof panels (Mugabo et al., 2018). Cov-

ering the concealed steel connectors with wood, increases the connections fire-resistance, and

therefore improves the overall fire safety. The success in design and execution of the concealed

connections relies on a close collaboration between the design team and the fabricators. Since it

was the first building to include CLT elements in the primary structural system and using CLT

solely produced in the U.S., the multidisciplinary group had to deal with particular challenges

such us complying with structural and seismic requirements, and dealing with the logistics of

fabrication and shipping of CLT elements ready for installation.

(a) Street view (b) Glulam post-and-beam structure

Figure 1.1: Albina Yard Building in Portland, Oregon, U.S.

Initially, the seismic design of the building was based on the 2015 International Building Code

(IBC) (ICC, 2015), which includes CLT as a material, but does not provide much guidance on

designing CLT shear walls and diaphragms. Already during the design phase, the introduction

of the Statewide Alternate Method, No. 15-01 Cross-Laminated Timber Provisions, by the
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State of Oregon Building Codes Divisions, enabled the use of CLT alone diaphragms, but due

to a overly conservative Response Modification Factor, R, of 2 for CLT, the design team kept

the plywood-sheathed shear walls rather than using CLT shear walls. Outside the State of Ore-

gon, the application of performance-based design as recommended in the Alternate Material

and Method provisions in the IBC enables the use of CLT in lateral-resisting systems. The

CLT spline connections, and the CLT-to-drag connections were designed to remain essentially

elastic. Since a great amount of elements were prefabricated and then brought to site, this

required careful planning and coordination between all the teams involved in the project, and

the inclusion of acceptable tolerances in components of different materials. The success of the

entire project showed that further research is needed to provide adequate design recommen-

dations for CLT members, and that mass-timber buildings enable faster construction with few

environmental costs (Patsy, 2017).

The John W. Olver Design Building is an impressive mass-timber building that is part of the

campus of the University of Massachusetts Amherst, in the U.S. The building was completed in

2017 and it has three stories on its east side, while on the west side has four stories (Figure 1.2).

The building was initially designed as a steel structure, but halfway into the process it was

changed to mass-timber. Since this was a possibility from the start, the architectural and

structural teams came up with a building layout that could accommodate this change, and

according to them no radical alterations or particular solutions are needed for mass-timber. In

fact, it was possible to reduce the number of beams by half and distribute them in a way that

had less incompatibilities with the Mechanical, Electrical, and Plumbing (MEP) projects. To

obtain code approval for several uses of CLT in the design, it was necessary to provide to the

authorities state-of-the-art research and test results that would support the design team claims.

(a) Street view (b) Braced timber frames

Figure 1.2: John W. Olver Building at University of Massachusetts Amherst, U.S.
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The gravity framing system is composed of a glulam post-and-beam structure, supporting the

CLT-concrete composite floors and CLT roof decking. The CLT shaft walls are also load-

bearing. Additionally, the structure of the inside courtyard is composed by a systems of timber

and steel composite zipper trusses. In the panel-to-beam, and beam-to-column connections

were used self-tapping screws with concealed beam hangers, while the CLT panel-to-panel

connections are surface splines with plywood. The glulam beams have a cross-section of ap-

proximately 360 mm x 380 mm or 420 mm, while the columns are approximately 360 mm x

570 mm or 650 mm. Most of the glulam members are made out of black spruce, with an malad-

justed bending strength of approximately 16.50 MPa. In this particular case, the CLT-concrete

composite floor is formed by three layers connected by steel mesh connectors. On top of the

5-ply CLT panels (174.6 m), there is a layer of 25.4 mm rigid insulation (for acoustics), and

then a 101.6 mm reinforced concrete, performing a total thickness of approximately 300 mm.

This type of solution enables high strength and stiffness at reduced self-weight of the slab,

comparing to a full concrete slab. The lateral resisting system was design to sustain seismic

and wind loads, being the former more demanding, and it resulted in a combination of CLT

shear walls with glulam bracing (Figure 1.2b). According to the capacity design performed,

the ductility of the structure will come from the hold down brackets in CLT shear walls and

the end connection steel pins and plates in glulam diagonals, which were designed to yield for

the design earthquake demand. With regard to construction, the speed of assembly stands out

as a great advantage of this kind of structure, also being described as more quiet than regular

construction sites and with less waste. It was reported that one of the buildings shear wall

cores, which comprises four CLT panels of approximately 18 m, was assembled and anchored

to the foundation in one weekend. The efficiency of construction relies on collaborative work,

during all stages of the process, particularly between the timber suppliers, and the structural

design team (WoodWorks, 2017).

The Arbora complex is a compound of three buildings (two 8-story and one 9-story), which is

still under construction, as presented in Figure 1.3, in a residential area of Montreal, in Canada.

The gravity system of all three buildings is formed by glulam post-and-beam supporting the

CLT floor panels. The lateral resisting system is composed by CLT shear wall panels in perpen-

dicular directions. The 8-story buildings sit on a concrete foundation and first floor concrete

podium, while the 9-story building just has a concrete foundation. The construction of the

timber structure of the first there floors was reported to take approximately ten weeks. As al-
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ready reported in the Albina Yard building, faster construction resulted from more demanding

and time-consuming design and planning phases (Oberholzer, 2016).

Figure 1.3: Arbora complex in Montreal, Canada

The Origine project is a 13-story residential building, of which twelve stories are in mass-

timber. The building has a total height of 40.9 m and it was concluded in 2017, in Quebec,

Canada. The 12 stories are built on a concrete foundation and first floor platform. The principal

structural system is a glulam post-and-beam structure with balloon-framed CLT bearing walls

supporting the CLT floor panels, as presented in Figure 1.4. The structure was designed against

earthquakes, since Quebec is in a seismic area and the soil was considered very poor, being the

seismic forces computed with response spectrum analysis. Wind demand was also accounted

for, being determined with static and dynamic wind analyses. As result of both analysis, a

set of CLT shear walls was distributed symmetrically considering the shortest length of the

building (Oberholzer, 2016). The first three floors were reportedly erected in four weeks by six

workers (Nordic Structures, 2017).

Figure 1.4: Origine (13 stories) in Quebec, Canada

International House Sydney is the first commercial office building in engineered timber built in
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(a) Construction phase (b) Glulam frames

Figure 1.5: International House in Sydney, Australia

Sydney, Australia, in 2016. The 7-story building comprises a first floor in reinforced concrete,

with a colonnade of recycled iron-bark timber from disused rail bridges in Queensland, which

provides an elevated platform for the remaining 6 stories completely in mass-timber. Gravity

loads transmission is assured by a glulam post-and-beam structure, see Figure 1.5, with CLT

panels for floors and walls. The lateral resisting system was built using glulam diagonals bracing

on bays of the four façades. The timber-to-timber connections are achieved with concealed steel

plates. The building is a certified green building, with solar panels, LED lighting and blackwater

treatment, but is the use of a mass-timber structure that reduces carbon emission and enables

less finishing materials. Although, initiating construction with no specialized workers, it was

reported a fast grow in installation rates, from 8 elements a day to 33 at the peak. Towards the

end of construction, the team was taking a week to build one floor structure (Butler, 2016).

The Treet building, in Bergen, Norway, is one of the examples of mass-timber framed structures

in Europe. The 14-story building, presented in Figure 1.6 was concluded in 2015, but its design

started in 2011 and took two years. Particularly this building, that has most of its components

prefabricated, a detailed design phase is essential to have a smooth assembly process. The load-

bearing system is elaborate and it can be compartmentalized from floors 1 to 4, floor 5, from

floor 6 to 9, floor 10, and from floors 11 to 14. Floors 1 to 4 are supported by the reinforced

concrete garage structure and are not connected to the surrounding glulam trusses. These

trusses are connected to the glulam trusses strengthening level 5 and support the prefabricated

residential modules of that level. On top of this level, there is a reinforced concrete slab that

carries the weight of floors 6 to 9, which behave as floors from 1 to 4. Then floor 10 has the

same structural system as floor 5, and the concrete slab on the former supports floors from 11

to 14. The roof is also a reinforced concrete slab. Hence there is a repetition of the structural
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system along the height of the building and the use of the concrete slabs to increase the mass

of the building. The CLT panels used in the balconies, interior walls, and elevator shaft are

not part of the load-bearing system (Abrahamsen & Malo, 2014).

Figure 1.6: Treet building, in Bergen, Norway

All glulam connections were built with concealed steel plates and dowels, using hot dip gal-

vanized 12 mm thick steel plates, class S355. The dowels were 12 mm and A4-80 type. The

typical glulam column cross-sections are 405 x 650 mm2, and 495 x 495 mm2, while the diagonal

cross-section dimensions are 405 x 405 mm2. The glulam strength classes used were the GL30c

and GL30h. Most glulam elements were made out of untreated Norway Spruce (Picea abies),

with exception of the ones exposed to the environment, which were made out of copper-treated

lamellas from Nordic Pine (Pinus sylvestris). CLT was specified to have properties similar to

a C24 structural timber with a bending strength, fmk, of 24 MPa. CLT and timber elements

from the modules were made out of Norway spruce. Construction followed the order of modules

first, CLT panels and glulam trusses second, and in last the concrete slab (Abrahamsen & Malo,

2014).

Since wind loads were more demanding than seismic loads, there was no design against earth-

quakes. However, in the design of the Treet building, robustness concepts were also included.
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The glulam truss elements or bearing elements of the corridor were designed in a way that

they can handle load transferred from neighboring elements, in case of member loss, ensuring

that the structure will not experience progressive collapse (Abrahamsen & Malo, 2014). To ac-

count for the additional loads, the concrete slabs were designed as continuous and connections

reinforced with more screws (Bita & Tannert, 2017).

It is worth noting that robustness design methods were also applied during the design of an

eight story building in London (Stadthaus), presented in Figure 1.7. A notional removal of

load bearing walls was performed and the progressive collapse propensity was evaluated (Yates

et al., 2008) resulting on change to the final CLT floor panels layout. This building structural

system is composed by CLT panels for load-bearing walls and floors.

Figure 1.7: Stadthaus building, in London, United Kingdom

1.3 Objectives

The main objective of this thesis is to propose analyses approaches to assist in the design and

assessment of heavy-timber structures, due to seismic loads and progressive collapse. These

analyses account for uncertainties associated with connections behavior and timber mechanical

properties, as well as, the variability in failure modes of the different structural elements and

10



connections. The following specific objectives contribute to the previously mentioned main

objective of the thesis:

� Propose a numerical modeling strategy capable of reproducing the seismic response of

CLT diaphragms, suitable for performance assessment and design;

� Evaluate the seismic fragilities of heavy-timber structures with ring-doweled moment

resisting joints, through nonlinear static and incremental dynamic analyses;

� Assess the robustness against progressive collapse of a heavy-timber structure designed

with ring-doweled moment resisting beam-column connections and braced timber frames.

1.4 Thesis outline

This thesis is organized in five chapters, as presented in Figure 1.8. Chapters 2, 3 and 4 have

similar organizations that comprise their own introductions (state-of-the-art), development,

discussion, and conclusions.

Figure 1.8: Outline of the thesis

The chapters are described as follows:
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� Chapter 1. Introduction - presents the motivation and the main objectives associated

with the research developed, as well as, a brief description of the background, research

focus, and outline of the thesis;

� Chapter 2. Shake-table test and modeling of CLT diaphragms - presents the main re-

sults of a full-scale shake-table test performed on a heavy-timber building, as well as, a

numerical model developed to represent the diaphragms response and suitable to be used

during a design phase;

� Chapter 3. Seismic assessment of a heavy-timber frame structure - presents a probabilistic

approach for seismic assessment, which accounts for uncertainties in mechanical properties

of members and connections. From the results obtained through nonlinear static and

incremental dynamic analyses, it was possible to develop several fragility functions for

distinct limit states including immediate occupancy, life-safety, collapse prevention, and

global collapse;

� Chapter 4. Robustness assessment of a heavy-timber frame structure - presents the pro-

gressive collapse assessment of a heavy-timber structure designed to fulfill the require-

ments of seismic provisions in terms of member sizing and connections ductility. Given

the importance of diaphragms to trigger alternative loads paths, fragility functions are

presented for two distinct floor solutions: CLT panels connected with plywood surface-

splines, and a low weight solution with OSB panels and glulam joists;

� Chapter 5. Conclusions and future works - presents the main conclusions taken from

the research developed in the previous chapters and suggests topics that need further

development.
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Chapter 2

Shake-table test and modeling of CLT

diaphragms

2.1 Introduction

The use of cross-laminated timber (CLT) panels for building construction has increased over the

last decades due to their construction efficiency, low environmental impacts, and aesthetics (Pei

et al., 2016; Harte, 2017). Recent research efforts have focused on the development of design

rules for CLT buildings in Europe (Harris et al., 2013; Thiel & Brandner, 2016; Kohler et al.,

2016). In addition, in Canada and the United States of America (USA), a CLT Handbook was

published (CLT Handbook: Cross-Laminated Timber. Canadian Edition, n.d.; Karacabeyli &

Douglas, 2013) containing common design rules. In terms of structural performance assessment

and design, the research efforts over the past 20 years in both Europe and North America have

focused on the performance and design of lateral resisting systems (Ceccotti et al., 2006; Dujic

et al., 2010; Popovski et al., 2010; van de Lindt et al., 2010; Ceccotti et al., 2013; Iqbal et al.,

2015; van de Lindt et al., 2016; Sustersic et al., 2016; Ganey et al., 2017).

CLT diaphragms are a key component of the lateral resisting system since these allow the

forces to be transferred to the different lateral resisting structural elements. The behavior of

CLT diaphragms is usually influenced by strength, ductility, and the flexibility of connections

between the CLT panels and the other components (Breneman et al., 2016). The CLT panels

making up the floor or the roof diaphragms are known to rotate as essentially rigid bodies
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under in-plane loading (e.g. shear). Therefore, the focus is often placed on the performance

assessment and design of the panel connectors. Recent works such as Brandner et al. (2017)

has focused on presenting the in-plane shear properties derived for CLT diaphragms that can

also be applied in the design of CLT diaphragms and beams when subjected to in-plane shear

stresses. However, Brandner et al. (2017) and other works failed to provide concepts and

methods for the design of the connectors between adjacent CLT panels that compose a CLT

floor diaphragm. Kode (2018) performed a single major test on diaphragm as part of a major

FEMA P-695 effort currently underway. The diaphragm tested was set up as a cantilever beam

according to ASTM E455 – 16 (ASTM, 2016) specification and CLT panels and their connectors

were design to exhibit ductile failures with failure in shear. Results indicate that the failure

of the diaphragm did not occur as expected and recognized that the chord design of cantilever

diaphragms must be given careful consideration to ensure that the failure of the chords do not

control the force and deformation capacity of CLT diaphragms. The tests such as the ones

in Kode (2018) for other types of connections will allow researchers to gather more data and

to compare connection capacities and their influence on the global behavior of the diaphragm

and, consequently, these data can be used to improve the CLT building diaphragm design.

Current European and North American codes and guidelines fail to provide key parameters

for the assessment and design of CLT diaphragms, in particular under seismic actions. In this

regard, Spickler et al. (2015) developed a white paper with a proposal for the design of CLT

diaphragms for use in Canada and USA.

In terms of computer modeling of CLT diaphragms subjected to lateral loads, and despite CLT

panels being composed of kiln-dried boards glued in orthogonal successive layers (Brandner et

al., 2016), it is common to model the in-plane behavior through four-node shell elements with

homogeneous orthotropic linear elastic behavior (Ashtari et al., 2014). Gsell et al. (2007), for

example, showed that the global mechanical behavior of CLT plates can be described using

an orthotropic, homogenized, linear elastic material behavior by comparing experimental and

numerical modal analysis results. The elastic modulus, in both directions, of CLT panels can

be determined according to the method of the composition coefficients proposed in H. Blaß and

Fellmoser (2004). Different approaches have also been proposed in the literature to compute the

in-plane shear modulus of CLT panels. Analytical solutions for the calculation of shear stresses

and shear deformations in CLT-beams loaded in-plane are presented in Flaig and Blaß (2013),

where the authors considered the shear strains within the lamellae but also the ones resultant
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from rotational and translation displacements at the crossing areas. Besides considering the

lamellae shear modulus, the formula used to compute the in-plane shear stiffness accounts

for the effective shear modulus of the gross cross-section, which depends on the number of

boards, their width, and the slip modulus of the interface between layers. The latter method

presents itself as an accurate one, but only when the slip modulus of the interface between

layers is obtained experimentally, which is a parameter that introduces considerable uncertainty,

hindering the use of this method. Bogensperger et al. (2010) presented simplified equations for

in-plane shear modulus that are based on a representative volume sub-element. The method

accounts for the shear and torsional moments at the gluing interfaces of boards. In addition,

correction coefficients were developed for 3-ply and 5-ply CLT panels, which were extended to

7-ply CLT panels in Dröscher (2014). A shear test configuration for in-plane shear properties

of CLT was evaluated in Brandner et al. (2017), where the main influencing parameters were

identified through a comprehensive parametric study. Gap execution and layer thickness were

confirmed to be the main parameters influencing in-plane shear properties. Characteristic shear

properties were then proposed for Nordic Spruce CLT panels manufactured with and without

edge bonding.

Figure 2.1: Two-story structure tested during the summer 2017 at the UC San Diego outdoor
shake-table

Despite the efforts already developed to characterize the in-plane behavior of CLT panels, it is

common to use homogeneous models specially when the main objective is to capture the overall

15



structural behavior, and it is reasonable to model panels as essentially rigid and concentrate

the modeling effort on the modeling of the panel-to-panel connections. In these cases, the

influence of panel-to-panel connections behavior is averaged over the model of the diaphragm

(Breneman et al., 2016). For example, this strategy was followed in Dujic et al. (2010), where

a finite element model was generated to capture the seismic response of a 7-story massive CLT

building. The model made use of simplified link elements, with linear and nonlinear behavior

representing hold-downs and shear anchors used on the walls. Another example is available in

Sustersic et al. (2016), where a 3D model was developed to capture the response of a 4-story

case study building. In both cases, the diaphragms were assumed to be essentially rigid.

In fact, if deemed necessary to assess performance or aid in the design of connectors by pre-

dicting the demands on the connections, an accurate reproduction of in-plane deformations of

diaphragms, during earthquake loading, requires a finite element model that includes a reliable

representation of panel-to-panel connection behavior. The models with a high level of fidelity

may include link elements to represent the panel-to-panel connections, the connections between

panels and load bearing elements (such as beams and walls), and between supporting frames

(e.g. beam-to-beam connections). In these cases, the construction of such finite element models

may constitute a burdensome task that hinders their application in regular design applications.

Nonetheless, a modeling approach, comprising lumped springs for shear transfer between pan-

els, was applied in Breneman et al. (2016) and compared to hand calculation results presented

on a horizontal diaphragm design example available in Spickler et al. (2015). From an engineer-

ing perspective, the results were favorable and might validate the modeling approach in terms

of diaphragm deformation estimates. Nevertheless, it is also important to develop more insight

regarding the forces developed in different components of the diaphragm (e.g. shear transfer

connections and chord splices). In regard to shear transfer, the common panel-to-panel con-

nections used in CLT diaphragms are plywood surface-splines, half-lab joints, and butt-joints

(Hossain et al., 2015). Consequently, the limited experimental campaigns as the ones carried

out recently (Sadeghi & Smith, 2014; Closen, 2017; Sullivan, 2017; Kode, 2018) are of great im-

portance to develop calibrated finite element models. However, there is an absence of full-scale

experimental tests that focus on CLT diaphragm force distribution.

Friction among different timber elements and between these and other structural materials

can play an important role in the mechanical behavior of constructions. However, for design
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purposes, the contribution of friction is usually disregarded (Hirai et al., 2008). Due to the

vertical component of the earthquake ground motion, uplift phenomena can occur, disabling

the friction effect in the connections. Nonetheless, in cases where design and construction are

controlled, there is an improved confidence on the effective occurrence of friction forces. For

example, the consideration of friction allowed the reduction of the number of shear anchors and

hold-downs without compromising the response of a 7-story massive CLT building that was

studied on a shaking table test (Dujic et al., 2010). An average friction coefficient of 0.4 was

considered for both timber-steel and timber-timber sliding contacts. The friction forces between

walls and floor slabs were also considered in Sustersic et al. (2016). Despite the beneficial

effects of friction on the seismic resistance of CLT buildings, the authors concluded that the

influence of friction must be conservatively neglected considering the actual state of knowledge

on the topic. To overcome such gap in the actual knowledge, research has been carried out to

study the friction phenomenon between different engineered wood products. The friction forces

between Oriented Strand Board (OSB) and Glued Laminated Timber (GLT), for example,

were investigated in Steiger et al. (2018). The results obtained through experimental cyclic tests

indicated that the friction coefficients decrease with increasing cumulative sliding displacements,

given the reduction of asperities on the contact surfaces. However, the friction coefficients were

marginally influenced by the compression load magnitude. In Outes et al. (2011), the friction

between transverse surfaces (sliding perpendicular to the grain) of GLT specimens was studied.

The measured mean value for the static friction coefficient was 0.47, while the mean kinetic

coefficient of friction obtained was 0.31. It is worth noting that the specimens were produced

with Nordic Spruce species (European Spruce) with a moisture content (MC) of 12%. On

the other hand, the design values of the static friction coefficients presented in the European

standard EN 1995-2 (CEN, 2004b) for planed timber vary from 0.2 (12% of MC) to 0.4 (16% of

MC). There is a lack of research regarding the influence of friction in the response of plywood-

CLT, CLT-CLT, and GLT to CLT members. Nonetheless, it has been identified that friction

forces are often observed. Thus, in this work, the impact of friction on the modeling of the

CLT diaphragms is investigated.

The main objectives of this work are to improve the understanding of the behavior of CLT

diaphragms and to develop a computational modeling approach that provides validated results

using experimental data collected during the shake-table testing of a two-story mass-timber

prototype building shown in Figure 2.1. The mass-timber structure was constructed on the
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University of California San Diego shake-table to primarily evaluate the seismic performance of

innovative lateral resisting design solutions for tall wood buildings (Pei et al., 2018b). To maxi-

mize the data collected during the testing, the building was constructed allowing for swappable

lateral resisting systems. Three different lateral resisting system were tested in three phases.

In phase 1, a post-tensioned self-centring rocking wall design was tested (Pei et al., 2018a);

in phase 2, a non post-tensioned rocking wall system was developed and tested (Blomgren et

al., 2018); and lastly, in phase 3, stacked CLT wall lateral resisting systems with standard

shear connectors and rod hold-downs were tested (van de Lindt et al., 2018) as part of the

FEMA P-695 project developed to propose R-factors for the design of platform type CLT con-

struction (Amini et al., 2018). In each of these phases, the structure was subjected to three

levels of earthquake shaking: (i) Service Level Earthquake (SLE) (ii) Design Basis Earthquake

(DBE) (iii) Maximum Considered Earthquake (MCE). While floors, beams, and columns were

designed to sustain only the gravitational loads, the walls were designed to carry all the seismic

loads that were transferred from the diaphragms. The diaphragms were designed to sustain

the demands of the three different testing phases with little to no damage. Special attention

was paid to the behavior of the resisting walls and diaphragms during the testing program.

This chapter describes the fundamental engineering concepts and principles of mechanics used

to design the diaphragms of the two-story mass-timber building, the experimental setup and

instrumentation of the diaphragms, and a summary of the test results. In addition, a modeling

strategy is developed for performance assessment and design of CLT diaphragms connected to

CLT Rocking Walls, which is validated with test data.

2.2 Experimental setup and instrumentation

The building is 6700 mm high with a total area equal to 107.9 m2. The dimension in plan

are 6096 mm in the East-West (E-W) direction and 17700 mm in the North-South (N-S) di-

rection. Figure 2.2 presents the diaphragm plan view for the first level and the second level

(roof) diaphragms, with panel dimensions indicated, as well as, arrows indicating the major

strength direction for each panel. The diaphragm at the first level was constructed with six-

teen 3-ply CLT panels (nominally 104.8 mm thick) with the major strength direction oriented

along the N-S direction, while the second level diaphragm was constructed as a CLT-concrete

composite floor system with twelve 5-ply CLT panels (174.63 mm thick) and a 57.2 mm thick
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reinforced concrete topping slab. At the second level, the CLT panels span along the E-W di-

rection and were connected to the concrete topping with 7 x 200 SDWH Simpson Strong - Tie

(SDWH27800G) screws inclined at 45 degrees along the span direction. The CLT diaphragm

panels used consisted of V1 grade panels (APA, 2018) per ANSI/APA PRG 320 (APA, 2017).

The gravity system consisted of glued laminated timber (GLT) grade L2 columns and beams

from grades 24F-V4 and 24F-V8. The columns located at grid lines [3] and [5] were built

with a larger cross-section (190.5 mm x 273.1 mm) than the remaining columns (190.5 mm x

222.3 mm) that are positioned at grid lines [2] and [6]. Moreover, the columns aligned with the

walls were continuous, i.e. spanning two floors, while the remaining columns are interrupted

at each floor level. Regarding the GLT beams placed at the first floor level, two beam cross-

sections were used: the grade 24F-V4 beams spanning the minor dimension of the diaphragm

had a 171.45 mm by 495.3 mm cross-section, whereas the remaining 24F-V8 grade beams had a

cross section size of 222.3 mm by 495.3 mm. For the second level diaphragm, the beams between

grid lines [1] and [3a] and [4a] and [7] had a cross-section of 222.3 mm by 457.2 mm, whereas

the ones located between grid lines C and E had a dimension of 222.3 mm by 381 mm. The 5.6

x 200 SDWS Simpson Strong - Tie (SDWS22800 LOG) screws connect CLT panels with GLT

beams at the first floor level, while 5.6 x 279.4 SDWS Simpson Strong - Tie (SDWS221100

LOG) were used at the second level diaphragm with the same purpose.

For phases 1 and 2, when CLT rocking wall panels were used, the connection between the

wall elements and the CLT diaphragms were executed through the innovative system shown

in Figure 2.3a, which make use of steel shear dowels. These steel shear dowels were restrained

laterally to the walls in order to transfer the diaphragm in-plane loads to the walls. However,

they were free to move vertically in steel slots created on the CLT wall panels. As higher levels

of inertial forces were expected at the second level diaphragm, the shear dowels dimensions

used were 44.5 mm x 76.2 mm, whereas the ones placed at the first level diaphragm had a cross-

section of only 22.23 mm x 76.2 mm. In Figure 2.3a one can see how the 19 mm thick steel

transfer plates were fixed to the steel shear dowels. ASTM A490 bolts were used to transmit

the loads. Note that as shown in Figure 2.2, the shear transfer plates were only placed on

one of the sides of the walls, that is to the left of grid line [3] and to the right of grid line

[5], respectively. The steel plates were fastened to the diaphragms using 10 x 140 ASSY VG

Plus Myticon screws installed at 45 degrees. Moreover, complete joint penetration (CJP) welds
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Figure 2.2: Structural layouts: (a) First floor level; (b) Second floor level; (c) N-S Elevation;
(d) E-W Elevation
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were executed in-situ to transmit the diaphragm forces from the collector plates to the shear

transfer plates. Besides the steel shear plates shown in Figure 2.3a, the steel chords, presented

in Figure 2.3b, were also designed and constructed on both floor levels which remained attached

to the CLT diaphragms through out all testing phases, including phase 3. Moreover, after each

shake-table test performed, a visual inspection took place to assess eventual damage at surface

splines (e.g. Figure 2.3c) and beam-to-column connections, which were executed as shown in

Figure 2.3d.

(a) Diaphragm to wall (b) Chord splices

(c) Plywood surface spline (d) Beam-to-column joint

Figure 2.3: Distinct connections used at diaphragm levels

In phase 3, the CLT wall panels were interrupted at each story level. Their position was moved

609.6 mm outwards reducing the cantilevers’ length. The test program of phase 3 included

three sub-phases with different wall configurations, reflecting different wall panel aspect ratios

and the existence of transverse CLT walls. Further details can be found in van de Lindt et

al. (2018). Of interest to this work, the connections between wall panels and diaphragms were
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executed using 76 mm x 57 mm x 3 mm L-shaped angle brackets with a 121 mm length. These

brackets were fastened to the diaphragms using 19 mm fully threaded A36 bolts according to

the expected shear demands.

2.2.1 Test structure design

The design of the gravity system and lateral resisting systems tested in the three phases are

summarized in three publications (Pei et al., 2018a; Blomgren et al., 2018; van de Lindt et al.,

2018). In this section, focus is placed on details on the design of the diaphragms.

Both diaphragms were designed in accordance with principles of mechanics, using values for

fastener properties and member strength extracted from the most recent test results (Closen,

2017; Pryor, 2017), National Design Specification (NDS) (AWC, 2015), and CLT manufacturer’s

specifications (APA, 2018). The white paper by Spickler et al. (2015) was also used as a

reference. Moreover, the alternative diaphragm seismic design force level method described in

Ghosh (2016) was used to compute the floor horizontal accelerations along the building height.

The maximum design forces were obtained for the lateral resisting system of the third phase

that was designed for a site located in Berkeley, California. Thus, the first floor was designed for

an earthquake-induced horizontal acceleration equal to 1.01 g, while the second level diaphragm

was designed for 1.36 g.

The first level diaphragm was considered as a deep beam that responds to the in-plane loading

with a fully composite behavior. Consequently, the quantity of screws and their spacing, at

each surface spline, were determined according to the shear flow caused by the inertial forces.

These forces were calculated with the seismic mass and the design values for the floor horizontal

accelerations. The chord forces were obtained by equilibrium in order to resist the diaphragm

moments. These forces were divided by the number of steel plates (6.35 mm x 50.8 mm) assumed

for each chord. It is worth noting that the fasteners used in surface splines and panel-to-beam

connections, presented in Figure 2.4a and Figure 2.4b, were not used to meet the requirements

for continuity of diaphragm tension chords.

The composite solution applied at the second floor was studied in Higgins et al. (2017). The

inclined screws were designed comparing their strength (Pryor, 2017) with the inertial forces

computed using the floor horizontal accelerations and the concrete tributary mass. At the
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second floor, each surface spline was designed to guarantee the transmission of the inertial

forces to the walls without considering the contribution of concrete. In turn, the chord splices

were designed with the same method used for the first level diaphragm, neglecting surface

splines and concrete topping contributions. The cross section of the second level diaphragm

can be consulted in Figure 2.4d.

It is worth noting that the CLT panels applied on both diaphragms verified the criteria given

in AWC (2015) for tension, compression, and bending.

(c)(b)

(a)

495.3

104.8

222.3 [mm]

Figure 2.4: Diaphragm details: (a) Chord splices at the second floor; (b) Single surface spline;
(c) Panel connection at first floor boundaries; (d) Composite solution

2.2.2 Instrumentation for the diaphragms

In this section, focus is placed on the devices used to evaluate the response of the diaphragms.

Nevertheless, it is worth noting that the instrumentation used for the lateral resisting systems

can be consulted in Pei et al. (2018a); Blomgren et al. (2018); van de Lindt et al. (2018).

In order to capture the response of the CLT diaphragms different types of sensors were installed
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in both diaphragm levels. Linear potentiometers (LP) were used to measure relative displace-

ments to measure the response of different types of connections. For instance, LP sensors were

used to measure sliding and separation between adjacent CLT panels, as well as, the sliding of

boundary panels on the supporting beams. At the second floor, LP were also used to measure

relative displacements between CLT panels and the concrete topping. A total number of 25 LP

were installed on the first level diaphragm, while 38 were placed at the second level diaphragm.

The deformations of the diaphragms were also assessed through string potentiometers (SP) that

measured absolute displacements, vertical and in-plane, at distinct locations within the floors.

Both diaphragms were instrumented with 22 string potentiometers (11 at each floor).

Several accelerometers (6 biaxial and 8 triaxial) were used to describe modal modes and the

distribution of inertial forces. These sensors covered different positions of the diaphragms

allowing to evaluate and compare their flexibility. Both floors had one accelerometer located at

each corner as well as at quarter points along the centerline of the diaphragm. The behavior of

chord splices was monitored through 40 strain gauges. The strains of concrete topping rebars

were also evaluated by the measurements of 2 strain gauges.

2.3 Shaking Table Test Results

A set of 5 natural uni-directional ground motions were scaled to fulfill the characteristics of the

three hazard levels (SLE, DBE, MCE). The earthquake records used were: Northridge, 1994

(NR); Superstition Hill, 1987 (SH); Imperial Valley, 1979 (IV); and Loma Prieta, 1989 (LP).

The site locations considered to scale the time-history records were San Francisco (Phase 1),

Seattle (Phase 2) and Berkeley (Phase 3). In Phase 3, there is no variation on the ground

motion record between consecutive tests, being Loma Prieta the one used.

2.3.1 Floor horizontal accelerations along the building height

The design of CLT diaphragms is primarily dependent on the estimation of the earthquake-

induced floor horizontal accelerations. They are necessary to obtain in-plane forces (inertial

forces) for the design of diaphragms elements and their connections to the lateral force resisting

system. In this work, the diaphragm design forces were obtained with the alternative diaphragm
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seismic design force level (Ghosh, 2016), which is based on the research developed by Rodriguez,

Restrepo, and Carr (2002). This method is applicable for buildings where the vertical elements

of the lateral resisting system dominate the overall structure behavior (Ghosh, 2016). The

contribution of higher modes is done by using a modal combination technique assuming that

ductility (on the lateral resisting system) only effects the accelerations associated to the first

mode of the response (Rodriguez et al., 2002).

In this section, the earthquake-induced floor horizontal accelerations measured during the 34

tests are evaluated in order to assess the applicability of the alternative diaphragm seismic

design force level to mass-timber structures built with CLT rocking wall systems and stacked

CLT wall lateral resisting systems. The sequence of ground motions for all phases of testing

is presented by their identification number (ID) in Table 2.1. Moreover, the peak ground

accelerations are also available, as well as, the hazard levels considered to scale each ground

motion record. It is worth noting that the floor accelerations presented in Table 2.1 are the

peak of the mean accelerations, over all accelerometers, measured in the E-W direction.

In Figure 2.5, the induced floor horizontal accelerations can be evaluated in elevation and

compared with the ones used during the design phase (Ghosh, 2016) for each phase. For the

SLE hazard level, the floor accelerations at the floor levels increased in height for almost all

testing phases, which was expected given the lack of non-linear responses. Nevertheless, the

magnification of floor accelerations, observed during phase 1, ranged from 1.9 to 2.7, which

may indicate that the initial stiffness conferred by the post-tensioning can be adverse for the

design of non-structural elements and equipment supported on the floors. Such level of mag-

nification are on the same range of the ones recorded in instrumented concrete wall buildings

and braced frames buildings, up to 20 stories, during the Northridge (1994) earthquake (Hall

et al., 1996; Rodriguez et al., 2002). Similar responses were observed in phase 2, but with

a lower magnification that ranged between 1.0 and 2.0. The floor acceleration magnification

tended to diminish as the intensity of the earthquake increased, in phase 1 and phase 2. This

occurrence can be associated to the fact that some components of the lateral resisting system

have reached the inelastic range and also to rocking at CLT panels’ base. Another important

finding regards the higher induced accelerations to the first floor when compared to the ones

measured at the second level. This was observed during earthquake records scaled to DBE and

MCE hazard level, presented in Figure 2.5a and Figure 2.5b. This feature contrasts with the
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linear relationship established for two stories buildings by the alternative diaphragm seismic

design force level (Ghosh, 2016). From the results obtained, it is possible to state that the

method proposed in ASCE 7-16 (Ghosh, 2016) fails to predict the earthquake-induced floor

horizontal accelerations for structures built with rocking walls. In fact, when CLT wall panels

start to rock, the modal properties of the structure change and a period elongation occurs.

Consequently, different floor magnification factors must be provided for distinct hazard levels.

Regarding phase 3, the alternative method proposed in ASCE 7-16 (Ghosh, 2016) provides good

estimates for the floor horizontal accelerations since they increase with the building height.

Their distribution in height can be consulted in Figure 2.5c for all the ground motions of

phase 3. In fact, the uplifts (rocking motion) occurred at the base of the walls (van de Lindt et

al., 2018) were lower than the ones observed during phase 1 and phase 2. Consequently, the first

natural mode governed the response of the building. The magnifications verified floor horizontal

accelerations, during DBE and MCE hazard levels, were greater than the ones observed during

SLE level tests, which can be justified by the small number of stories. The response presented

for test (32) of sub-phase 3.2 are not consistent with the other responses in terms of peak floor

accelerations. In this test, the peak floor acceleration was higher at the first floor level since

the north cantilever experienced larger accelerations immediately after the failure of nails in

shear, which occurred in angle brackets positioned at the base of the north wall (van de Lindt

et al., 2018).

It is important to refer that the fundamental period (T ), used to calculate the design spectral

acceleration (SDS), for all phases, was estimated from equation 12.8-7 available in ASCE (2016)

and resulted in period T=0.20 s. Before and after each ground motion record, the structure was

subjected to a root-mean-square (RMS) white noise (WN) with an amplitude of 0.03 g, in order

to identify the building fundamental periods through Fast Fourier Transform (FFT). In phase

1, the fundamental periods, measured before the tests, ranged between 0.7 s and 0.9 s, while

ranging from 0.85 s to 1.1 s for phase 2. These values allow to conclude that the estimation given

by ASCE (2016) produces lower values of fundamental period for CLT rocking wall systems. For

these particular site locations, San Francisco and Seattle, the design spectral acceleration shifts

from the constant acceleration range to the constant velocity range of the response spectrum.

Regarding the system tested in phase 3, the equation 12.8-7 available in ASCE (2016) provides

better results, since the fundamental periods, measured before each sub-phase, ranged from
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Figure 2.5: Average of the peak Accelerations measured at different diaphragm levels: (a)
Phase 1; (b) Phase 2 (c) Phase 3

0.35 s to 0.45 s. For the last phase (for a Berkeley site location) of tests the design spectral

acceleration remains at the constant acceleration range of the response spectrum.

2.3.2 Peak Accelerations within diaphragms

In order to better evaluate the flexibility of both diaphragm solutions, it is important to eval-

uate the accelerations at different locations within the diaphragms. Thus, from Figure 2.6 to

Figure 2.8, the maximum response of each diaphragm is plotted for every earthquake test per-

formed. Rather than provide peak accelerations measured at different diaphragm points, the

results represent the highest average acceleration measured during each test. In other words,

attention was paid to evaluate if the peaks observed at different accelerations occurred at the

same time. This type of assessment allowed to distinguish torsional responses. It is worth

noting that the values presented at the diaphragm extremes (North and South) are the average

of the peak accelerations measured at their respective corners.

At the first floor level, the majority of the responses (61.8 %) are characterized by lower values
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at the points located between grid lines [2] and [6] and higher values at both cantilevers’

extremes. These tests revealed minimal torsional behavior relative to the response of the first

floor diaphragm. The accelerations measured along grid line [C] presented a low variability. If

one considers only the three sensors along grid line [C], the coefficient of variation (CoV) of

the accelerations remained lower than 15 %, in 82.3 % of the ground motion tests performed.

These type of response are easier to identify in DBE and MCE tests presented in Figure 2.6 and

Figure 2.7. On the other hand, if one considers the five positions along the diaphragm, the CoV

of the peak accelerations increases. In this case, only 35.3 % of the tests present coefficients of

variation that are lower than 15 %. This fact can be associated to the change on the lateral

stiffness given by the existence of the GLT frames (columns and beam) aligned with grid lines

2 and 6. The latter were initially designed to sustain only gravity loads, but it is evident that

they also provide additional in-plane stiffness.

Phase 3 was characterized by having ground motions with higher intensities and a conventional

transmission of forces from the diaphragms to the walls. The first level diaphragm presented

higher peak accelerations at the northern cantilever than the southern cantilever, which is

related to torsion. Similar responses were observed in MCE tests 29 and 32, from sub-phase

3.1 and sub-phase 3.2, respectively. Nevertheless, the differences between the north cantilever

and the south cantilever responses are more evident in test 32 since, as mentioned above, the

north wall was damaged at the base and experienced large sliding (van de Lindt et al., 2018).

After test 32, the lateral resisting system was changed for a solution similar to the one built in

sub-phase 3.1 with an inclusion of transverse walls (N-S), fixed to the main CLT wall panels

(E-W). According to the results available in Figure 2.8a, one can conclude that the response

of the first floor diaphragm was considerably improved with the inclusion of transverse walls.

Furthermore, in tests (33) and (34) the peak accelerations measured at the first floor were

practically uniform within the diaphragm.

During phase 1 and phase 2, the cantilevers of the second level diaphragm had slightly higher

accelerations than the center of the diaphragm. Nevertheless, these difference is considerably

lower than the ones observed at the first floor. If one considers only the three sensors along grid

line [C], the CoV of the accelerations remained lower than 15 %, in 82.4 % of the ground motion

tests performed. However, when all the positions are considered, 73.5 % of the tests present

coefficients of variation that are lower than 15 %. This finding can be confirmed by comparing
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diaphragm responses at different floor levels. For example, comparing the responses obtained

through DBE tests, presented in Figure 2.6b and Figure 2.6e. The change in in-plane stiffness

observed at the first floor (grid lines [2] and [6]) was reduced at the second. Partially, it is caused

by the absence a beam, in the E-W direction, connecting the exterior columns. On the other

hand, the concrete layer contributed to increase the in-plane stiffness. According to the results,

the composite diaphragm presented a quasi-uniform distribution of accelerations throughout

all the sub-phases. In addition, the results of phase 3 allow to conclude that different height

to width aspect ratios of wall panels, as well as, the inclusion of transverse walls did not affect

the response of the composite diaphragm.

Comparing the diaphragm responses of phase 1 and phase 2, one can also conclude that the

swap of the rocking walls, executed between these phases, did not influence the behavior of the

diaphragm, which is in accordance with what was expected, since the connections between the

walls and the diaphragms were kept.

2.3.3 Relative displacements within diaphragm CLT panels

The response of diaphragms can also be evaluated through the response of their connections.

From the inspections performed after each shaking-table test, it was possible to confirm that

the floor level diaphragm experience very little damage throughout all the phases of testing.

An essentially elastic response was obtained as defined during the design. At the second floor,

there was no observation of damage on the timber panels. Nevertheless, some small cracks

appeared in concrete next to places were PVC pipes were placed to guarantee the installation

of bolts for the third phase of testing. The cracks resultant from the curing process did not

propagate throughout the testing program. Some cracks occurred next to inclined screws that

were fastened without giving enough clearance to concrete.

Despite the little damage observed and the very small displacements measured, some consider-

ations can be drawn by evaluating the response of connections. Figure 2.9 presents the results

for DBE and MCE, as well as, the position of the linear potentiometers used to measure sep-

aration and sliding motions. Globally, the connections presented larger deformations during

phase 3 due to the higher intensities of its ground motions.

At the first floor diaphragm, the surface splines oriented N-S presented larger values of separa-
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Figure 2.6: Diaphragm peak accelerations measured during Phase 1
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Figure 2.7: Diaphragm peak accelerations measured during Phase 2
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Figure 2.8: Diaphragm peak accelerations measured during Phase 3

33



tion (Figure 2.9a) than sliding (Figure 2.9b). Despite the small relative displacements measured,

it is worth noting that the assumptions made in the design phase did not consider the effect

of separation between panels, since a composite behavior was admitted. During phases 1 and

2, the relative displacements measured by LP1E205 and LP1N102 were the highest values in

terms of sliding motions. Those splines were responsible to transmit the inertial loads from

the center of the diaphragm to the wing plates, where the shear dowel is fastened aiming to

connect the diaphragm and the walls. Due to their position, the instrumented surface splines

aligned with the grid line [D] present separation between panels, but only on the surroundings

of the hole left on the diaphragm in order to swap the CLT walls. During the design phase of

the first floor diaphragm the most solicited surface spline was the one aligned with grid line

[C]. Precisely the spline located between grid lines [1] and [3], at the north cantilever, and the

spline located between grid lines [5] and [7], at the south cantilever (see Figure 2.2a). Neverthe-

less, the results taken from the south cantilever showed that between grid lines [5] and [6] the

relative displacements (separation and sliding) between panels 14 and 15 were practically null.

In Figure 2.9a, one can observe that the separation between panels (14) and (15) increased in

grid lines [6] and [7]. This sudden difference can also be associated to the change on the lateral

stiffness given by the GLT frames (columns and beam).

At the first floor level, the sliding over GLT beams oriented E-W was on the same magnitude of

the relative displacements of the surface splines during DBE and MCE, as shown in Figure 2.9b.

This is justified by the lower number of screws fastened per beam length when compared to

the number of screws used on surface splines. On the other hand, the number of fasteners

used to connect CLT panels to GLT beams was higher at the second floor to ensure a good

performance for gravity loads. These fact can justify the low values of sliding over beams

presented in Figure 2.9d.

Regarding the surface splines of the second level diaphragm, one can state that they had lower

deformations when compared with the surface splines located at the first floor. For instance,

this can be evaluated by comparing the measurements presented for phase 3. Even with higher

floor horizontal accelerations, the deformations presented in Figures 2.9e and 2.9f are lower or

on the same range as the ones showed in Figures 2.9a and 2.9b. The composite action due to

the concrete topping may be the main contributing factor to justify the responses obtained.

However, it is important to note that the orientation of the panels also changed, being the
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surface splines aligned with the seismic load direction. Throughout phases 1 and 2, the spline

located along grid line [5a] experienced the highest values of panels separation (0.7 mm), as

showed in Figure 2.9e. On the other hand, the spline located along grid line [5] had the highest

values of sliding. In phase 3, the response changed and the response of the surface splines along

grid lines [4a] and [6] increased in terms of separation between panels. Nevertheless, the surface

splines along grids [5] and [5a] continued to be the ones with higher values of sliding.

2.4 Numerical modeling approach for CLT diaphragm

The modeling approach proposed in this chapter aims at capturing the peak deformations of the

first floor by representing its in-plane behavior through a two-dimensional model. In parallel,

the models should reproduce reliably the force distributions in order to be applied on regular

design procedures. The software package SAP2000 (CSI, 2017) was used due to its practical and

intuitive object-based modeling environment. The tests used to evaluate the modeling approach

refer to phase 1 and phase 2, where the connection between walls and diaphragm is executed

with a shear dowel fastened to 19 mm steel wing plates. Instead of having a distributed

transmission of seismic loads, from diaphragm to walls, this solution implies a concentrated

transmission from the wing plates to the walls. The effectiveness of the approach is assessed by

comparing the numerical results with the peak deformations observed during different ground

motions scaled to DBE and MCE hazard levels.

2.4.1 Key aspects of the modelling approach

The methodology chosen includes four-node shell elements with homogeneous orthotropic linear

elastic behavior, to simulate CLT properties of diaphragm panels, and linear elastic frame

elements that represent GLT beams, rocking walls, steel plates and wing plates. The GLT

members are in agreement with Douglas-fir properties from grades 24F-V4 and 24F-V8 (E =

12.4 GPa, G = 0.780 GPa). In turn, it is assumed that the CLT rocking walls are practically

rigid by assigning a stiffness value that is a thousand times greater than the value assigned to the

beams, since the relevant behavior refers to the diaphragm deformations relatively to the walls.

The mechanical properties of the ASTM A36 steel (Es = 200.0 GPa, ν = 0.26) were assigned to
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Figure 2.9: Relative displacements: (a) between CLT panels at 1st Floor; (b) between CLT and
GLT beams at both Floors; (c) between CLT panels at 2nd Floor; (d) LP used at 1st Floor;
(e) LP used for sliding between CLT and GLT at 1st Floor; (f) LP used at 2nd Floor
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the steel plates used as chord splices and collectors. To simulate the rigid connection between

the diaphragm and the wall panels, two rigid frames (the same used for walls) are connected

through rigid links to the four-node shell elements, used to model the CLT panels of floors.

The mesh used is shown in Figure 2.10a, where the nodes are equally spaced at 304.8 mm

(1 foot). Border nodes of each individual panel shall be defined as special joints for further

definition of zero-length elements (links), making use of SAP2000 interactive editing feature.

Several special joints share the same coordinates, as suggested by Figure 2.10b, where two

beams are connected, and by Figure 2.10c that shows a junction of four beams. It is assumed

beam-to-beam connections as rigid given their high stiffness when compared to the panel-to-

beam connections. As presented in Figure 2.10d, the nodes used to represent the walls are fully

restrained. In Figure 2.10d, one can also see that complete joint penetration (CJP) welds are

represented by rigid links. The collector frames were also divided according to the predefined

mesh and linked to the CLT through zero-length elements that represent the connectors used

to install the steel plates. It is worth noting that the links used to represent surface-splines

must represent sliding, tension, and panels’ closure. Consequently, a high stiffness is assigned

for compression, which is modeled with a value that is a thousand times greater than the one

assumed for tension, as recommended in Breneman et al. (2016).

2.4.2 In-plane stiffness of CLT panels

The V1 grade panels are manufactured using No.2 Douglas fir-Larch lumber in the major

strength direction and No.3 Douglas fir-Larch lumber in the minor strength direction (APA,

2018). When a diaphragm is being analyzed for earthquake effects that represent full unreduced

seismic loads it is preferable to use expected or average material properties (Breneman et al.,

2016). Thus, the timber members are independently modeled with their mean properties.

According to Bogensperger et al. (2010), the effective shear modulus is dependent on the shear

modulus of the boards and on the local torsional moment at layer interface. A correction

factor is also considered to account for the number of layers used. The in-plane effective

shear modulus (Gxy) calculated is equal to 575.7 MPa. The longitudinal elastic modulus in

the principal directions was computed using the composite theory presented in H. Blaß and

Fellmoser (2004), where the elastic properties of the minor strength direction cross layers were

considered. From the calculations performed, an elastic modulus of 7461.9 MPa and 3462.8
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MPa, was obtained for the major and minor directions, respectively. Despite the present chapter

focusing only on the in-plane behavior, SAP2000 requires values for Ez,Gxz and Gxz properties.

The following ratios were taken from the study developed by Gsell et al. (2007): Ex/Gxz =

15.43 and Ex/Gyz = 87.78. Moreover the value assumed for Ez is equal to 500 MPa.

Figure 2.10: Two dimensional finite element model: (a) Mesh-refinement; (b) Beam-to-beam
connection; (c) Chord splices; (d) Wall connection

2.4.3 Numerical model of diaphragm connections

The envelope curves used to model the connections assumed a rigid plateau associated to friction

forces (Fµ) developed between members. These forces are dependent on the tributary weight
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(W ) and on the clamping forces (Fcl) applied when the screws were fastened, as suggested by

Figure 2.11a. However, the values assumed for the clamping forces are uncertain given that

the assemblage of the structure was performed without using any torque specification. In fact,

the construction workers simply ensured that the joint or connector being fastened was tight

to the surface and the fastener was fully installed. The friction force is computed as:

Fµ = (W + Fcl) · µ (2.1)

where W is the tributary weight transmitted associated to each node, Fcl is the clamping

force, and µ is the friction coefficient. It is worth noting that surface-splines do not have any

weight transmission associated. In the scope of the present work, two levels of Clamping Force

(Fcl) were assumed, corresponding to 10 % and 20 % of the connections’ yielding force (FI).

Additionally, three different levels of static friction coefficient were considered: 0.3, 0.4, and

0.5. When the applied force exceeds Fµ the model assumes the behavior of the connectors that

are modeled with a multilinear constitutive law. Given the lack of experimental results for the

connections used in the diaphragm studied, the values of stiffness and strength were based on

the work performed by Closen (2017), where several shear connections were subjected to cyclic

dynamic tests. The CLT panels used were produced with spruce-pine-fir (SPF) and the self

tapping screws used were the MytiCon ASSY 3.0 ECOFAST Screw 16 - 80/50, with a smooth

shank diameter equal to 5.8 mm (ds = 5.8 mm). The results obtained experimentally were fitted

by defining the points I to III, shown in Figure 2.11b. The correspondent force-deformation

values used to define the envelope curve are presented in Table 2.2.

The determined force-deformation values had to be corrected, since the materials used in the

diaphragm under study do not correspond to the exact materials used in the tests presented

in Figure 2.11b. The differences found affect the slip modulus (strongly related with timber

density) and yielding force of screws (strongly related to embedment strength of timber and

screws yielding bending moment). In order to convert the force-deformation curve per screw

obtained by Closen (2017) to an envelope curve able to represent the connections built in the

diaphragm under study, two correction factors were established. The correction factor (λK) is

used to adjust the stiffness as:
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λK =
Kser,con

Kser,dyn

(2.2)

where Kser is the slip modulus prescribed in Eurocode 5 CEN (2005) for timber to wood based

panels connections. Thus, Kser,con is the slip modulus obtained with the material properties

used at the shake-table test, whereas Kser,dyn is the slip modulus computed with the properties

of the material used in Closen (2017). The second correction factor (λF ) is used to affect the

strength properties obtained experimentally and it is given by the ratio:

λF =
IIIs,con
IIIs,dyn

(2.3)

where IIIs is the force associated to the failure mode that implies fastener yield in bending

at one hinge and bearing-dominated yield of plywood fibers (side element) in contact with the

fastener. This force was determined according to AWC (2015), with properties of the materials

used at the shake-table test (IIIs,con), and the properties of the materials used in Closen (2017)

(IIIs,dyn). The same approach was considered to compute the force-deformation response (per

screw) associated to panel-to-beam connections and steel-to-CLT connections (chord splices

and collector plates). The results obtained are shown in Table 2.2, where force-displacement

values are presented for the notable nodes shown in Figure 2.11b.

Table 2.2: Constitutive law parameters for multi-linear plastic models (SAP 2000)

FI [N] δI [mm] KI [N/mm] FII [N] δII [mm] KII [N/mm] FIII [N] δIII [mm] KIII [N/mm]
Surface Splines a 963.8 1.4 700 3260.9 7.8 358.9 4458.6 27.2 61.7
Surface Splines b 1002.4 1.4 714 3391.3 7.9 366.1 4636.9 27.7 62.9
Chord Splices c 1831.2 1.3 1449.0 6195.7 7.1 742.9 8471.3 25.0 127.7
Panel over Beam d 2438.4 3.7 651.0 8250.1 21.2 333.8 11280.3 74.0 57.4
a Experimental tests from Closen (2017)
b Fastener: Simpson Strong - Tie 5.6 x 86 TRUSS/EWP PLY
c Fastener: Simpson Strong - Tie 6.4 x 90 (SDS25312)
d Fastener: Simpson Strong - Tie 5.6 x 200 (SDWS22800 LOG)

2.5 Nonlinear static analyses (pushover)

Load controlled nonlinear static analyses were performed, being the applied loads consistent

with the accelerations measured experimentally and the tributary mass. All nodal loads were

applied incrementally from zero to the full specified magnitude, which was equal to the inertial
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Figure 2.11: Numerical model features: (a) CLT-to-Beam friction scheme; (b) Envelope Curve
for screws

load that results from the product of the tributary mass by the nodal acceleration obtained

from the shake-table tests results.

Given the uncertainty associated to friction forces, the level of friction is deemed variable and

object of a parametric study. On the other hand, the in-plane shear stiffness of the CLT panels

was determined according to the theory proposed by Bogensperger et al. (2010) whereas the

longitudinal stiffness was computed using the composite theory (H. Blaß & Fellmoser, 2004).

Taking into account the uncertainty related to these variables, their impact on the diaphragm

numerical results was studied by varying the Young modulus and the shear modulus of the

Douglas-fir lumber used in the cross directions of the CLT panels.

A deformation diagram of the first level diaphragm is shown in Figure 2.12, where two different

splines are indicated, namely SS1 and SS2. Those splines were the ones that demonstrated the

highest demands on the pushover analysis. Thus, the experimental results of those connections

are used to evaluate the effectiveness of the modeling approach in the following section.

2.5.1 Numerical Results

The numerical results presented refer to the two ground motion tests (6 and 19) scaled to the

DBE hazard level and two ground motion tests scaled to the MCE (13 and 14) hazard level. The

inertial forces were applied in agreement with the accelerations pattern shown in Figures 2.6b,

2.6c and 2.7b.

The evaluation of the numerical results focused first on the deformations of the different non-
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Figure 2.12: Deformation diagram at the first level diaphragm

linear links used to model surface splines and afterwards, on the stresses obtained for chord

splices, by comparing them with the values measured experimentally and the ones assumed

during the design phase.

The results obtained through a pushover analysis were compared with the deformations mea-

sured experimentally. The influence of friction is evaluated through a parametric study that

considers two different variables: clamping force and friction coefficient. For clarification pur-

poses, the henceforth nomenclature used is C0XXFRYY, where XX is the percentage of the

force (FI) used to model the clamping force (C0) and YY is related with the friction coefficient

(FR) considered (µ=0.5 corresponds to YY = 05 ).

In Figure 2.13, one can evaluate how the model captures the deformations experienced by

the surface spline SS1 during the shake-table test. The model C020FR05 is able to capture

the deformations that are perpendicular to the surface spline (Figure 2.13a and Figure 2.13b)

and is the closest one in terms of sliding between panels (Figure 2.13b). It is important to

refer that the forces presented are the ones sustained only by the connectors and consist on

the resultant of both directions (parallel and perpendicular to the surface spline). Thus, the

perpendicular force is considered only when the surface splines are in tension. In opposition,

during the design phase, only the forces parallel to the spline that would be transferred from the

center of the diaphragm to the walls were considered, as presented by the area highlighted in

Figure 2.13. The design force presented in Figure 2.13c refers to the force per foot (304.8 mm),

since the values presented for the numerical results are obtained according with link positions

(every 304.8 mm). It is worth noting that the forces resisted exclusively by the fasteners decrease
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considerably when the friction forces increase from model to model, as presented in Figures 2.13c

and 2.13f. The maximum force obtained with the C020FR05 model, which approximates better

the deformations measured, is 62 % lower than the one obtained with the model that neglects

friction. The force obtained by the model without friction is 36.2 % lower than the design

force considered for these tests (0.70 g). It is worth noting that the diaphragm was designed to

resist an acceleration of 1.01 g for phase 3. Nevertheless, the results can be comparable since

the earthquake-induced floor horizontal accelerations obtained experimentally were 0.90 g (test

13) and 0.84 g (test 14). Attending to the difference between numerical results and the load

capacity, one can state that the design method produced a conservative solution for spline SS1.

Given the symmetry of the diaphragm, the numerical results obtained for SS2 can be compared

with the experimental results measured on the the surface-spline positioned along the horizontal

grid line [D] and comprehended between vertical grid lines [5] and [6] (Figure 2.9d). From the

graphs presented in Figure 2.14, for the the horizontal surface spline (SS2), one can conclude

that the model that better approximates the slip between panels differs from the model that

captures their separation. This feature may indicate that different friction coefficients should

be applied for perpendicular directions. The design force presented is equivalent to the shear

flow resultant from the in-plane bending of the diaphragm. The acceleration used to compute

the forces was 1.01 g (phase 3). Compared to the design value, the value obtained with the

model without friction is 56.4 % lower in test (13). The model that best fits the experimental

results (C010FR03 ) presents a reduction of 66.1% from the design value. The load capacity

of the surface spline connection was 2.6 times higher than the one obtained numerically, as

presented in Figure 2.14c and 2.14f.

In order to evaluate the efficiency of the method proposed, it is necessary to observe cases where

the intensity of ground motion used is lower. Consequently, the pushover was applied consid-

ering the accelerations of test 6 (0.683 g) and 19 (0.620 g). Globally, the results presented in

Figure 2.15, show a satisfactory compromise between numerical results and experimental data.

It is worth noting that the measurements given by LP1N201 were not available during test 6.

Thus, in Figure 2.15a it is not possible to compare the separation measured experimentally to

the one obtained through the numerical model, at the end of surface spline SS1. This particular

spline underwent a low value of sliding (0.02 mm) during test (6), being the numerical values

10 times higher. Nevertheless, the results obtained through the pushover analyses provide de-
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Figure 2.13: Numerical results for MCE hazard level earthquakes at surface spline SS1: (a)
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formation values that are always higher than the ones observed during the tests. This indicates

that the model provides always conservative results.
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Figure 2.15: Numerical results for DBE hazard level earthquakes: (a) Separation at SS1 - Test
6; (b) Sliding at SS1 - Test 6; (c) Sliding at SS2 - Test 6; (d) Separation at SS2 - Test 6; (e)
Separation at SS1 - Test 19; (f) Sliding at SS1 - Test 19; (g) Sliding at SS2 - Test 19; (h)
Separation at SS2 - Test 19

The design of CLT diaphragms due to in-plane loading is influenced by their load-carrying

capacity, rather than the analysis of their in-plane deformations. Consequently, the assessment

of the forces applied on the surface splines are important. The consideration of variability, due

to friction, resulted on a maximum coefficient of variation of 11% at surface-spline SS1. On the

other hand, the coefficient of variation obtained for SS2 is equal to 7%.

2.5.2 Influence of in-plane stiffness values on surface splines

The method used here to compute the effective shear stiffness considers the superposition of

shear deformations in the lamellae and in the crossing areas (Bogensperger et al., 2010). It
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also includes coefficients calibrated through finite element analysis, to account for the number

of boards used in CLT panels. The longitudinal elastic modulus for the shell elements was

determined according to the composite theory provided in H. Blaß and Fellmoser (2004). Con-

sequently, the elastic properties of shell elements may be a source of uncertainty on the global

diaphragm behavior and also on the local response of connections. It is not evident that a panel

with a high longitudinal elastic modulus has also a high shear stiffness, given its dependency

on the cross layers interface slip modulus. Thus, a parametric study was performed to evaluate

the influence of different combinations of stiffness properties on the numerical results of surface

splines SS1 and SS2. The variability was imposed to the Douglas-fir elastic modulus, in both

directions, and to the shear modulus of the wood lamellae. The values used refer to the mean

values, as well as, the 5th and 95th percentiles. In order to compute these percentiles, a coeffi-

cient of variation (CoV) equal to 13 % was considered as recommended in Köhler et al. (2007)

for Nordic Spruce species. Two numerical models were used as reference, namely C010FR03

and C020FR05, in order to address the influence of combining variability in stiffness and in

friction. The results regarding the stiffness properties parametric study are shown in Figure

2.16.

As presented in Figures 2.16b and 2.16e, the separation between adjacent panels was not affected

by the variability in lumber properties. In turn, it is possible to see an influence on sliding

(Figures 2.16a and 2.16d), which causes deviations in terms of forces carried by connectors.

Regarding surface spline SS1, it is possible to conclude that higher values of shear modulus and

elastic modulus conduct to higher values of forces. The opposite occurs at surface-spline SS2,

where higher forces were obtained when the 5th percentile value was assigned to shear modulus

and elastic modulus.

The variability assigned to the elastic properties of panels had a very low influence on the forces

applied on the surface splines. The forces obtained at surface-spline SS2 had a maximum coeffi-

cient of variation of 2.35 %, while the value for surface-spline SS1 was equal to 4 %. Comparing

to the results obtained when variability is applied to friction, in-plane stiffness variability has

a low influence on the design of fasteners.
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Figure 2.16: Impact of elastic modulus variability and shear modulus variability on numerical
results of surface splines: (a) Sliding at SS1; (b) Separation at SS1; (c) Forces at SS1; (d)
Sliding at SS2; (e) Separation at SS2; (f) Forces at SS2
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2.5.3 Chord splices results

During the shake-table tests, it was possible to evaluate the response of different chord splices

through strain gauges that were installed at the steel plates’ top surfaces. In the scope of the

present chapter, the chord splice studied is the one that connects panels 12 and 16, as presented

in Figure 2.4a. Each steel plate had a strain gauge glued at the geometric center of the plate

to measure the longitudinal strains. Through the application of Hooke’s law, the stresses were

calculated considering the elastic modulus of ASTM A36 steel (200 GPa). The peak stresses

are presented in Table 2.3 for the DBE and MCE tests that were used to perform the numerical

analysis. The occurrence of rocking at the walls led to uplift movements between panels 12 and

16, since the wall-to-diaphragm connection was made only on the cantilever side. Consequently,

the strains measured can result from axial forces and bending moments. Unfortunately, the

instrumentation used did not allow to decouple these effects.

In the 2D numerical model used in the analyses, the linear elastic frame elements representing

the steel plates are also subjected to axial forces and bending moments but solely in-plane. The

uplift movements could be captured if a 3D model was used to study the structural behavior.

In addition, since the strain gauge was placed on the neutral axis of the plate, the experimental

results presented in Table 2.3 can be compared only with the stresses related to axial forces.

As previously mentioned, only two frames were used to model the three plates under analysis.

Through the results presented in Table 2.3, it is also possible to compare the experimental

values with the values that are obtained by the application of the design method, using the

average peak accelerations given in Table 2.1.

The values computed through the pushover analysis present significant discrepancies in com-

parison to the experimental values. In particular, one can observe that the values obtained

with the design method are the most conservative ones. During the design, the contribution of

the surface splines, positioned below the steel plates, as presented in Figure 2.4, was neglected,

which conducts to an overestimation of the chord forces.
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Table 2.3: Longitudinal stresses of steel plates of a chord splice at 1st floor

a Method used in the design was applied considering the average peak acceleration of 1st level diaphragm
T - Top plate
M - Middle plate
B - Bottom plate

Test Experimental Design Method a Numerical (No Friction) Numerical (C010FR03) Numerical (C020FR05)
(ID) Plate σ [MPa] Plate σ [MPa] Plate σ [MPa] Plate σ [MPa] Plate σ [MPa]

T 23.6 T 44.0 T 9.9 T 8.3 T 8.6
(6) M 19.9 M 44.0 - - - - -

B 22.5 B 44.0 B 6.2 B 5.5 B 7.0
T 61.8 T 58.0 T 13.3 T 11.5 T 11.2

(13) M 42.1 M 58.0 - - - - -
B 36.1 B 58.0 B 8.2 B 7.5 B 8.5
T 51.4 T 54.1 T 12.5 T 10.3 T 10.2

(14) M 35.5 M 54.1 - - - - -
B 35.1 B 54.1 B 7.8 B 6.8 B 8.0
T 26.4 T 39.9 T 9.6 T 7.7 T 8.2

(19) M 22.2 M 39.9 - - - - -
B 17.4 B 39.9 B 6.0 B 5.2 B 6.3

2.6 Final Remarks

A numerical modeling strategy was presented in this chapter for the design of CLT diaphragms

to earthquake loads. The satisfactory results obtained in terms of displacements and the model’s

capability to capture the most important phenomena regarding connections’ response prove its

feasibility and accuracy. In this way, the model constitutes a good alternative to simplified

methodologies applied during the design phase. Since a structural engineer must find a com-

promise between numerical efficiency and tight schedules, the time and effort associated with

developing the numerical model also weighs on the choice of design method. Although an

experienced user of finite element model software can handle most of the features proposed

in this chapter, the definition of all the special joints and zero-length elements can be a time

consuming task that might hinder the usage of this methodology in structural design projects.

Future studies must concentrate on keeping model reliability while decreasing the effort ex-

pended in including crucial behaviors such as panels’ closure in surface spline connections. For

instance, the solution proposed by Breneman et al. (2016), where the connection zones are

modeled with 2D shell elements with distinct properties of the CLT panels, already constitutes

a good step in this direction. Further investigations should be carried out in order to evaluate

and validate such proposal with experimental results, keeping in mind that it as to provide

different behavior for perpendicular directions.

Regarding the modeling strategy presented in this chapter, the application of the model without
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friction is suggested as a less demanding option. This model ensures a good compromise between

accuracy and development effort, providing values of design forces higher than the ones obtained

from models with friction (more accurate models), and therefore more conservative, but lower

than the values obtained from the simplified design methods.

2.7 Conclusions

The seismic performance of a CLT diaphragm and a CLT-concrete diaphragm was studied in

this work through shake-table tests performed on a two-story full-scale mass-timber building at

UCSD San Diego facilities in July 2017. Distinct lateral resisting systems were tested: (i) post-

tensioned rocking walls; (ii) non-tensioned rocking walls; and (iii) stacked CLT walls connected

with shear anchors and rod hold-downs.

The accelerations induced at each diaphragm level were evaluated for each structural system

considering three hazard levels: (i) Service Level Earthquake (SLE); (ii) Design Basis Earth-

quake (DBE); and (iii) Maximum Considered Earthquake (MCE). From the results observed,

the method proposed in ASCE 7-16 (Ghosh, 2016) provides an approximate distribution in

height of the floor horizontal accelerations, when conventional stacked wall systems are in use

(Phase 3). Nevertheless, it failed to predict the floor horizontal accelerations for the self-

centering CLT rocking wall systems tested. During phase 1 and phase 2, the CLT wall panels

started to experience rocking movements with the increase in ground motions intensity (DBE

and MCE), causing a shift on the fundamental period and a reduction on the dynamic response

at both story levels.

The experimental results confirmed that the composite CLT-concrete solution is able to guaran-

tee a quasi uniform in-plane distribution of the accelerations, contrary to the response demon-

strated by the solution built only with CLT panels. The majority of its responses were charac-

terized by uniform accelerations at the central core of the diaphragm and higher acceleration at

the cantilever extremes. Nevertheless, the relative displacements recorded during the ground

motion tests revealed that the connections responded in the elastic range according to the

objectives of the design.

The peak response of different earthquake tests were captured through nonlinear static analyses
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that applied nodal loads incrementally from zero to the full specified magnitude. The loads

were determined considering the material weights and the accelerations measured in situ. A

phenomenological computational model approach was proposed and validated by comparing

experimental and numerical peak deformations of the diaphragm built at the first floor level

of the building, when it was connected to rocking wall systems. The modeling strategy made

use of SAP 2000 interactive editing feature allowing to represent the different connections built

on the diaphragm. The zero-length elements used to model the connections were calibrated

according to recent test results. The influence of friction was also studied by assuming a rigid

behavior of the connections until the static friction force was reached. A parametric study was

performed, considering different clamping forces and distinct friction coefficients. The main

observations from this part of the work were:

� The consideration of friction allows to capture accurately the surface splines peak defor-

mations resultant from the ground shaking;

� A conservative design is reached when friction is neglected. The model with the highest

friction coefficient as well as the highest clamping forces produces a maximum spline force

that is 62 % lower than the one obtained with the model that neglects friction;

� The variability assumed for friction forces resulted on surface-spline forces with a coeffi-

cient of variation equal to 11 %.

The design values assumed for surface splines are considerably higher than the ones obtained

through the several nonlinear static analyses performed. Although, model development might

be time consuming, it produces reliable results and can be used for design purposes. Time and

effort can be reduced if the engineer neglects to include friction in the model, since it provides

conservative design forces.

Regarding the chord splices, the numerical outcomes present a major difference relatively to

the experimental ones. These results can be influenced by the following aspects:

� The contribution of surface splines were not considered when designing the chord splices,

which results on a overestimation of the forces;
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� The occurrence of wall rocking at their base may cause uplift between adjacent panels at

the diaphragm. These occurrence may originate normal stresses due to bending of the

steel plates. This behavior is not captured through the two-dimensional model proposed

in this work.

The influence of in-plane stiffness properties was addressed by combining independently the

mean value, and the 5 % and the 95 % percentiles of the elastic modulus and shear modulus

of the lumber. The results indicate that the responses in terms of surface-spline forces present

low (4 %) coefficients of variation.

The modelling approach presented allows to reproduce with accuracy the experimental results

obtained through the shake-table tests. Nevertheless, there is room for improvements by con-

sidering different behaviors for perpendicular directions, both in terms of strength and stiffness

properties of the connections and also regarding the friction coefficients. Future research may

include the definition of torque specifications for fasteners installation, as performed in steel

structures, in order to improve the accuracy in terms of clamping forces. The finite element

model construction can be cumbersome for inexperienced users. However, it allows to con-

sider different mechanisms that are neglected by simplified design methodologies. The present

model can be included in a 3D model that includes the wall panels and respective connections.

This would improve the understating of the combined wall-diaphragm behavior through the

performance of nonlinear dynamic analyses.
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Chapter 3

Seismic assessment of a heavy-timber

frame structure

3.1 Introduction

The performance of timber structures under intense earthquake ground shaking depends strongly

on the type of failure modes, and in particular, their ductility (H. Blaß et al., 1994). The failure

of timber elements is usually brittle, whereas the failure of connections between timber elements

can be ductile. Design recommendations for timber structures focus mainly on the formation of

inelastic deformations on connections by increasing the slenderness of connectors, guaranteeing

that failure occurs after yielding of the connectors, and thus enhancing the capacity of joints to

withstand large inelastic deformations without rupture. The common analyses methods for the

design of multi-story timber buildings in seismic regions do not consider explicitly the inelas-

tic behavior of joints. Since nonlinear dynamic analyses are time consuming and imply high

computational efforts, it is common for practicing engineers to design timber framed structures

through static analyses, simplified dynamic analyses (or equivalent static), and multi-modal

response spectrum analyses (Foliente, 1997).

During the design of timber structures, according to Eurocode 8 (EC8) (CEN, 2013b), the ca-

pacity of a specific structure to dissipate energy is taken into account by considering a behavior

factor q, which affects seismic loads by reducing the linear elastic seismic response spectrum.

The q-factors considered in EC8 are prescribed considering three classes of ductility: low (DCL),
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medium (DCM), and high (DCH). Such levels are dependent on the structural typologies and

their local and global ductility. The q-factor is a function of the ductility of the structure, which

depends on its redundancy and the ductility of elements and connections. Local ductility is

associated with the capacity of joints to undergo large deformations without failure. Large

displacements can be developed in connections when slender dowels are used and adequate de-

tailing is provided to prevent brittle failure modes such as splitting. Global ductility is related

to the ability of the structural system to remain stable, exploiting its redundancy, after yielding

of the joints (Jorissen & Fragiacomo, 2011). These principles can lead to a reserve in strength

and ductility while preventing significant structural damage.

According to Fajfar (1996) the behavior factor q is dependent on the ductility factor, Rµ, which

represents the dissipative capacity of a structure, and the so-called overstrength, RΩ, defined

as the ratio of the actual strength to the design strength. Miranda and Bertero (1994) provided

a basic definition of the ductility factor Rµ while reporting the influence of specific elements

on its value. In Vidic et al. (1994) and Miranda and Bertero (1994) it is suggested that the

ductility factor depends on the principal elastic period of the structure and the type of soil. On

the other hand, several authors, including Mitchell and Paultre (1994), Humar and Rahgozar

(1996), and R. Park (1996), provided discussions regarding the inclusion of overstrength values

in the design of structures. These contributions are the basis of the overstrength factors used

to compute the behavior factor q prescribed in the present seismic design codes.

Contrary to what happens in the case of steel and reinforced concrete structures, the q-factor

values suggested in EC8 for timber structures do not account for the overstrength factor and

structural particularities (e.g connection types). On the other hand, only the more common

timber building systems are mentioned in EC8, which means that there is an absence of values

regarding innovative systems such as the ones consisting of heavy-timber frame structures built

with cross-laminated timber (CLT) or moment resisting frames. Nevertheless, the contributions

of several authors, including Andreolli et al. (2011), Ceccotti et al. (2013) and Gavric et al.

(2015), have provided studies on ductility and overstrength properties of innovative structural

systems that make use of CLT. For example, in Ceccotti et al. (2013), the behavior factor q of a

seven-story full-scale CLT building was computed. The approach used to calculate the q-factor

was proposed by Ceccotti and Sandhaas (2010), where the q-factor is given by the ratio of

the peak-ground acceleration (PGA) observed in full-scale tests, for a previously defined near-
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collapse state, and corresponding PGA used in the design. A mixed analytical-experimental

procedure was presented in Pozza (2013), by exploiting the results of cyclic tests, which was

applied to several building typologies. The procedure proposed in Pozza (2013) combines quasi-

static pushover tests of representative walls and analytical models to establish capacity curves.

In this study, the q-factor is given by the ratio between the peak-ground acceleration of the

ultimate spectra and the yielding spectra (Fajfar, 1996).

Despite the remarkable results obtained so far, there is an absence of studies where material

uncertainties are considered to compute the ductility properties of timber structures. Timber as

a natural material presents a high variability in its mechanical properties (Faber et al., 2011),

which contributes directly to an increase in the uncertainties associated with the expected

strength and peak drift capacities of timber structures. Therefore, it is crucial to develop

studies that account for material uncertainties as well as the uncertainties associated with the

seismic loading (Foliente, 1997).

3.1.1 Numerical modeling of cyclic behavior of timber connections

The numerical models available in the literature for modeling steel connections in timber struc-

tures can be classified into three levels, ranging from micro-level to macro-level. In micro-scale

models the hysteresis deformation of single connectors is modeled (Foschi, 2000). The meso-

models simulate the behavior of entire connections built with several fasteners (Rinaldin et al.,

2013). Macro-scale models can be used to represent the behavior of wood shear walls (Dean et

al., 1986), diaphragms (Falk & Itani, 1989) or complete structures themselves (Foliente, 1995).

To analyze moment-resisting timber frame structures under dynamic loads, meso-level models

can be used to capture the behavior of connections and timber elements without dispropor-

tionate computational costs. These meso-level models include the use of nonlinear springs that

capture the macro response of connections and linear beam-column elements for the structural

members.

Laboratory test results are essential to calibrate numerical models and assess their adequacy to

capture the degradation modes exhibited by moment-resisting joints. The experimental tests

presented in the literature show that the cyclic response of such connections often present a

pinched behavior with stiffness and strength degradation (e.g. Folz and Filiatrault (2004), Chui
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and Li (2005), Polastri et al. (2013)). Consequently, the numerical model used to represent

the joints must incorporate these features to reproduce the expected progressive weakening of

timber structures due to strong ground motions. The degradation modes observed in timber

moment-resisting joints, used in heavy timber structures, share many similarities with those

observed in reinforced concrete and steel structures allowing the use of models originally devel-

oped for other materials, such as the ones in Foliente and Mohammad (1996); Ibarra, Medina,

and Krawinkler (2005).

The main challenge in modeling the connection behavior consists in choosing a hysteretic model

and in the calibration of the associated model parameters. The Open System for Earthquake

Engineering Simulation (OpenSees) finite element platform (McKenna et al., 2009) includes

several hysteretic models that have already been used to model the cyclic behavior of tim-

ber connections and structural systems. The Bouc-Wen-Baber Noori (BWBN) model was

used by Foliente (1995) to generate a general hysteresis model for wood joints and struc-

tural systems, incorporating stiffness and strength degradation with pinching effect. A more

general phenomenological model that captures the pinched cyclic strength and stiffness degra-

dation of plywood panels was developed in Ibarra et al. (2005). Another model that can

be used to represent the pinched hysteretic response of timber connections is a beam-column

joint model proposed by Lowes et al. (2003), which was implemented in OpenSees as Pinch-

ing4 force-deformation model. Although originally developed to simulate reinforced concrete

beam-column joints, Pinching4 was also used to perform a seismic reliability analysis of a

Timber-Steel-Hybrid-System X. Zhang et al. (2015) due to its ability to represent a pinched

load-deformation response and to enable three modes of cyclic degradation: unloading stiffness

degradation, reloading stiffness degradation, and strength degradation.

Despite the lack of a database of experimental results for moment-resisting connections be-

tween timber elements, existing experimental results indicate that these connections are able

to dissipate energy during cyclic tests without significant strength reduction. One of possi-

ble moment-resiting connections in timber frame structures is known as the ring-type doweled

connection. Bouchäır, Racher, and Bocquet (2007) studied the distribution of loads among fas-

teners of a ring-type doweled connection and compared theoretical results with experimental

monotonic tests in terms of stiffness and strength properties. Ring-doweled joints were also

the subject of an experimental campaign (Polastri et al., 2013) that comprised monotonic and
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cyclic reversal tests to study the effectiveness of different joint patterns and their capacity to

satisfy the criteria for DCH structures presented in EC8. One of the joint patterns studied

in Polastri et al. (2013) is used to calibrate the analytical model presented in this chapter.

Using a bilinear model, Polastri (2010) characterized the q-factor for structures built with ring-

doweled moment connections. However, the work in Polastri (2010) did not account for strength

and stiffness degradation nor material uncertainties, which could be important to account for

uncertainty in the capacity of connections.

3.1.2 Fragility curves for timber structures

A fragility curve is a conditional distribution of the probability of exceeding a specific threshold

(e.g. drift, damage, or collapse) as a function of one or more hazard intensity measures (e.g

peak-ground acceleration, spectral acceleration at a fundamental period of the structure). In

essence, a fragility curve FR is defined as the conditional probability of the structural demand

parameter (DMP ) exceeding the structural capacity (SC) for a given level of intensity measure

(IM) of the hazard :

FR = P [DMP > SC|IM ] (3.1)

Fragility curves can be developed using four different approaches: expert judgment, empiri-

cal methods, analytical methods, or hybrid methods that combine in some form the first three

approaches (Porter, 2015). Fragility curves are commonly assumed to follow a lognormal cumu-

lative distribution function (e.g. Rosowsky and Ellingwood (2002), Porter et al. (2007), Baker

(2015)). The parameters of analytical fragility functions can be determined through different

methods. Monte-Carlo simulation is the most widely used method due to its simplicity and

robustness. For this, samples of the random variables are generated from their joint probabilis-

tic distributions. The limit state function considered is evaluated for each realization that is

treated as a deterministic quantity (Rubinstein & Kroese, 2011). In order to achieve a robust

fragility function, it is necessary to perform a considerable number of numerical simulations,

which, when combined with nonlinear finite element models, may require very high computa-

tional efforts. Such drawbacks can be partially overcome by using efficient sampling methods
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such as Latin Hypercube Sampling (Melchers, 1999) or other methods described in Baker

(2015).

To assess the response of light-frame timber constructions, several seismic fragility analyses are

available in the literature (e.g. Lee and Rosowsky (2006), van de Lindt and Dao (2009), Sutley

and van de Lindt (2016)). Seismic fragility curves for shear wall systems, typically found in

residential construction were developed by Li and Ellingwood (2007) for three performance

levels, including Immediate Occupancy (IO), Life Safety (LS), and Collapse Prevention (CP).

The authors considered both demand and capacity related uncertainties, accounting for record-

to-record variability due to ground motion accelerogram amplitude and phasing and the effect

of openings in the shear walls, known as SAWS. The variability of strength, stiffness, and

various hysteretic parameters of a macro-model (Folz & Filiatrault, 2001) were considered

in Yin and Li (2010). In Yin and Li (2010), the impact of aleatoric and epistemic uncertainties

on the fragility functions was evaluated. However, the study only considered typical one-story

residential buildings with reduced collapse risk.

Even though extensive work has been performed to develop fragility curves for light-frame

constructions, limited research has focused on the development of fragility curves for heavy-

timber structures, and especially for those designed with ring-doweled moment resisting con-

nections (Rodrigues et al., 2018).

3.1.3 Objectives

The main objective of this chapter is to evaluate the performance of heavy-timber structures

designed with ring-doweled moment resisting beam-column connections. The performance is

evaluated based on characterization of the behavior factor q using a large number of nonlinear

structural analyses, which account for uncertainty in mechanical properties of members and

connections. This chapter involves the use of pushover analyses and multi-record incremental

dynamic analyses (Vamvatsikos & Cornell, 2002), where nonlinear analytical models account

for the post-yielding behavior of calibrated moment-rotation connections models. Secondary

objectives of this chapter are the definition of interstory drift limit states, assessment of the

distribution of q-factors, and the development of fragility curves for different damage state

levels, including IO, LS, CP, and Global Collapse (GC) accounting for both material and
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seismic loading uncertainties.

3.2 Methodology

A three-story timber moment-resisting frame designed with ring-doweled connections is used

as a case study in this chapter. The structure had been designed in Callegari (2009) and was

here re-checked using a modal response spectrum analysis, following Eurocode 8 (EC8) (CEN,

2013b) and Eurocode 5 (EC5) (CEN, 2005), for a site located in Lisbon, Portugal. The structure

was designed to verify the requirements for a DCH structure according to EC8.

The assessment of the q-factor and the fragility curves involves the use of nonlinear static and

nonlinear dynamic analyses. The analytical models were built in OpenSees (McKenna et al.,

2009), using meso-level connections models that incorporate strength and stiffness degradation

under cyclic loads.

In the nonlinear finite element model development, the first task included fitting a constitutive

moment-rotation model to capture the fully reversal cyclic experimental results in Polastri

et al. (2013). The constitutive model selected was the Pinching4 model. Considering the

designed structure, all numerical analyses account for uncertainties in the member mechanical

properties and material parameters that influence the strength and stiffness behavior of the

connections (yielding moment and elastic stiffness). Uncertainties in the post-yielding behavior

of moment-resisting connections were also considered by varying the parameters used to define

the envelope curve of the Pinching4 model. It is worth noting that the variability of the

member properties also affect the strength and stiffness parameters of the moment-rotation

model used for the connections, thereby having a direct impact on the dynamic properties of

the structure and consequently their response when subjected to ground shaking. The Latin

Hypercube Sampling (LHS) was used in this study to generate a set of 1000 structural models,

in which each structural model corresponds to a realization of the random variables used to

define the structural model. Using the correlation matrix proposed in the Probabilistic Model

Code (PMC) (Köhler et al., 2007), intra-element and inter-element correlation of the member

properties was considered. Moreover, inter-element correlation was also assumed. More details

are provided in section 3.
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To address the impact of modeling uncertainties, two structural models considering median

parameters and design parameters were subjected to the same analysis, for comparison pur-

poses. Henceforth, these structural models will be denominated as ”median structure” and

”design structure”, respectively. It is worth noting that there is no spatial variability of mem-

bers and connections properties on both median structure and design structure. Moreover, it

is important to stress that the post-yielding rotations of the design structure were computed

considering the characteristic value of the parameters used to define the envelope curve of the

Pinching4 model.

Displacement controlled nonlinear static pushover analyses were performed in order to assess

the impact of modeling uncertainties on the q-factor and on the seismic resistance of the timber

moment-frame and to define damage state levels. The lateral load distribution, for each struc-

tural model, is based on the the first vibration mode configuration of that specific structural

model realization. A vector of lateral loads {pi} were applied at floor level i, as:

{pi} = {M} {φi} (3.2)

where {M} is the lumped mass matrix, and {φi} is the normalized first mode nodal displace-

ments. The lumped masses are assigned to the points coincident with the intersections between

beams and columns, at each floor level. The control node is positioned at the roof and a dis-

placement increment of 0.001 m is considered at each analysis step.

The seismic loading uncertainties were combined with the modeling uncertainties performing

an IDA study for the set of analytical models generated with LHS method. Henceforth, this set

of analytical models will be designated as ”structural set”. An IDA study is accelerogram and

structural model specific (Vamvatsikos & Cornell, 2002). It consists in subjecting a structural

model to an accelerogram of increasing intensity. Consequently, it is necessary to consider sev-

eral accelerograms to account for ground motion record-to-record variability. The records used

are selected in section 3.3. The intensity measure (IM) adopted was the ”first mode” spectral

acceleration (Sa(T1, 2%)) and the engineering demand parameter (DMP) chosen was the peak

interstory drift ratio. The selection of Sa(T1) as an IM follows suggestions by Shome (1999)

and Baker and Jayaram (2008). Other authors have also provided discussions on the topic,

including Barbosa (2011), Faggella et al. (2013), Mollaioli et al. (2013), and Donaire-Ávila,
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Mollaioli, Lucchini, and Benavent-Climent (2015) and have shown that Sa(T1) corresponds to

a good predictor of the structural response, both for linear and nonlinear response.

During an IDA, the global collapse of a structural model is related with dynamic instability.

In this thesis, it is assumed that an IDA curve reached dynamic instability when its slope is

lower than 20% of the initial (elastic) curve (Vamvatsikos & Cornell, 2002).

The total number of IDA curves developed corresponds to the product of the number of models

in the structural set (NSim = 1000) and the number of ground motion records considered (NGMR

= 24). Considering approximately 30 intensity levels, the total number of nonlinear dynamic

analyses performed was approximately 720,000. To reduce computational time, a sequential

version of OpenSees and a batch-queue system called HTCondor (v7.8.0) was used Ribeiro

et al. (2014). From the results obtained from multi-record IDA, the variability of structural

responses due to both epistemic and aleatoric uncertainties was thus evaluated. The effect of

considering modeling uncertainties was also assessed by comparing the results of the structural

set with the results obtained for a structure in which the median parameters were assigned for

mechanical properties of members and connections.

Damage state levels were defined using the peak interstory drift ratio as the limit state param-

eter, which is tied to the behavior of the moment-resisting connections or the building capacity

curve, which is defined as the base-shear versus roof displacement. It is assumed that the IO

damage state is reached when any connection exceeds the yielding point. In turn, the LS dam-

age state is reached when any connection exceeds the deformation associated with the capping

point. Finally, it is assumed that the CP damage state is reached when the descending branch

of the building capacity curve passes below 80% of the peak building strength capacity. The

GC damage state is exceeded when an IDA curve reaches dynamic instability.

Fragility functions were defined for different damage state levels, based on the multi-record

incremental dynamic analysis. These fragility functions were obtained by fitting a lognormal

distribution to the values of intensity measure (spectral acceleration) that caused the exceedance

of a predefined demand threshold values associated with different damage state levels (IO, LS

and CP) considered. In addition, the impact of modeling uncertainties on the GC damage state

fragility curves is evaluated. Moreover, incremental dynamic analysis and fragility curves were

analyzed for different q-factor levels. A disaggregation process, which consists in aggregating

the structural models according to their values of measured q-factors, was followed by the
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analysis of the common incremental dynamic analysis and fragility curves in each group.

3.3 Case study: A three-story heavy-timber frame build-

ing

3.3.1 Description of the structure

The structure under analysis is a residential three-story timber building designed using GL24h

elements. The GL24h correspond to glued laminated timber with materials defined per EN14080

(CEN, 2013a), with characteristic bending strength equal to 24 MPa and a mean value of mod-

ulus of elasticity of 11.5 GPa. The plane frame structure has two 6-meter long bays in the

X-direction and three 3-meter high storeys (Figure 3.1a). The columns consist of two elements

each with a rectangular cross-section of 160 mm by 600 mm. The beams consist of a single rect-

angular glulam element with a cross-section of 120 mm by 600 mm. The connections between

columns and beams are executed with a ring-doweled joints with two layers of connectors, as

shown in Figure 3.1b. The first layer of connectors is composed by 10 dowels located 165 mm

from the center, and the second layer by 16 dowels located at a radius of 240 mm. All dowels are

M4.6 dowels with a diameter of 12 mm. At foundation level, columns are considered as hinged

supports. Braced timber frames ensure lateral resistance in the perpendicular out-of-plane di-

rection. To tie the structure together, these elements are fastened with screws to the main

beams. Moreover, diagonal steel bars are connected to the columns at floor level, as presented

in Figure 3.1d.

The floors consist of a low weight solution frequently used in residential buildings in Europe.

The top layer is parquet that is placed over a leveling 20 mm thick layer of mortar, followed by

18 mm thick Oriented Strand Boards (OSB) fixed to the GL24h joists with a cross-section of

120 mm by 200 mm. The joists are covered by a wood cover and plasterboard on the underside,

and connected with screws to the main beams as shown in Figure 3.1e. The model assumes

that the floors respond as rigid diaphragms due to their large in-plane stiffness.

Considering the median density of the materials and their thicknesses, the weight of the floor is

taken as 1.37 kN/m2. The characteristic value of 2 kN/m2 is considered for the floor live load,
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according to Eurocode 1 (CEN, 2002b). The design considered serviceability limit states and

ultimate limit states from EC5 and EC8. Nevertheless, the governing loading for the beam

column connections used was the seismic loading.
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Figure 3.1: Moment-resisting frame structure:(a) elevation; (b) ring doweled joint - elevation;
(c) ring doweled joint - cross section; (d) floor plan; (e) floor components; (f) joist connection

The floor loads will be assumed as deterministic, and inertial effects of these loads were con-

sidered on the seismic assessment as prescribed in EC8. The combination coefficient (ψEi)

was considered for variable loads to account for a reduced participation of their mass, which

depends on the quasi-permanent coefficient (ψ2) for variable loads, and is given by:

ψEi = ϕ · ψ2i (3.3)

In equation (3.3), the parameter ϕ is related to the story occupancy. The value assumed is

equal to 0.8, which is the value prescribed for stories with correlated occupancies. For residential

buildings the quasi-permanent coefficient is equal to 0.3. Consequently, the mass related with

variable loads is computed considering an uniformly distributed area load of 0.48 kN/m2. There

is no reduction for permanent loads and consequently the area load considered to compute the

65



structural mass is 1.37 kN/m2.

3.3.2 Finite element modeling and analysis

The beams and columns were modeled using linear elastic frame elements connected with zero-

length springs (Pinching4 ), as shown in Figure 3.2a, to account for the rotational stiffness

of moment-resisting joints. Geometric non-linearities are incorporated in the form of P − ∆

effects. Rayleigh damping is assumed and a damping ratio ξ = 0.02 is assigned to the first

and second modes of vibration . It is worth noting that the Rayleigh viscous damping ratio is

assigned to the model to account for energy dissipation that cannot be directly captured in the

analytical model (e.g. friction at steel connections and stressing of nonstructural elements). In

addition, the energy dissipation due to the hysteretic response of the connections are explicitly

accounted for in the Pinching4 model when performing the nonlinear analyses.

The Newton-Raphson method is used to solve the nonlinear algebraic system of equations.

The tolerance adopted is 10−8 on the inner product of the unbalanced load and displacement

increments at each iteration (Chopra, 1995). Newmark integration was used considering γNM =

0.5 and βNM = 0.25, which results in the average acceleration method (Newmark, 1959). The

time step adopted for the transient analysis is 0.002 seconds.

A preliminary study comprised the evaluation of brittle failure occurrences. This assessment

involved performing nonlinear dynamic analysis, where the structure was subjected to different

time history records. After each analysis step, the occurrence of brittle failures was checked

through a set of user implemented algorithms written in tcl/tk (Welch, 1995). The brittle

failure modes considered are related with axial forces, shear forces and bending forces of timber

members. The safety of timber elements in terms of shear stresses was verified through equation

6.13 of EC5 (CEN, 2005). The flexural resistance of beams was verified according to section 6.3.3

of EC5 (CEN, 2005), where the lateral torsional stability is also considered. The columns were

verified for combined bending and axial tension and combined bending and axial compression,

in agreement with the verifications included in sections 6.2.3, 6.2.4 and 6.3.2 of EC5 (CEN,

2005). The shear strength of dowels was checked by considering the embedment failure modes

correspondent to equations 8.7g and 8.7h of EC5. Given the EC8 (CEN, 2013b) requirements

for DCH structures in terms of size members, the verifications prescribed in EC5 for axial
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forces, shear forces and bending forces were verified with high safety margins. Thus, in order

to improve computational cost-efficiency these verification were avoided during the nonlinear

dynamic analysis performed for the incremental dynamic analysis.

Analytical model for hysteretic behavior of joints

A Single-Degree-Of-Freedom (SDOF) model was used to calibrate the parameters of Pinch-

ing4 model based on the results of fully reversal cyclic rotational tests from an experimental

campaign performed at University of Trento (Polastri et al., 2013). The Pinching4 model was

used to construct an uniaxial pinched load-deformation response with degradation under cyclic

loading. The Pinching4 model is defined by a response envelope, unload-reload rules, and three

damage rule that control evolution of these paths. The calibration consists in the definition

of four model states, the rules that control changes between states, and the rules that govern

evolution of states. Each state is defined by moment-rotation (M − θ) pairs which define the

limits of each state. Given the test results, shown in Figure 3.2c, a symmetric behavior was

assumed and consequently the same backbone-curve was considered for both directions. The

response envelope obtained experimentally was fitted by defining the points I to IV , shown

in Figure 3.2b. The calibrated moment-rotation values used to define the backbone curve are

presented in Table 3.1.

Table 3.1: Points used to define the backbone curve

Point Mi [kN.m] θi [rad]
I 83.9 0.012
II 114.5 0.034
III 128.6 0.068
IV 16.8 0.129

The points where reloading begins, shown as points V I and IX in Figure 3.2b, depend on the

ratio between the rotation at which reloading begins and the maximum historic rotation demand

(rDisp), and the ratio between the strength at which reloading begins and the maximum historic

strength demand (rForce). The moments corresponding to points V and V III are dependent on

the ratio of strength developed upon unloading from negative (positive) load to the maximum

(minimum) strength (uForce). The parameters rDisp, rForce, and uForce were assumed equal for

both directions given the symmetric response of the connection observed in the testing results.

The calibration of these parameters account for the energy dissipated per cycle and also the
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fitting of the position of points V to IX to match experimental results. Hysteretic damage

is simulated through degradation of unloading stiffness, degradation in strength developed

in the vicinity of the maximum and minimum rotation demands (strength degradation), and

degradation in stiffness (reloading stiffness degradation). The form assumed for each damage

rule is the same and represents a more general version of the damage index proposed in Y. Park

and Ang (1985). Each damage index, δi defined in the Pinching4 model is given by:

δi =

(
α1 ·

(
d̃max

)α3

+ α2 ·
(

Ei
Emonotonic

)α4
)

(3.4)

where d̃max is given by:

d̃max = max

(
dmax,i
defmax

,
dmin,i
defmin

)
(3.5)

and where i refers to the current displacement increment, αi are parameters used to fit the

damage rules to the experimental data, E is the hysteretic energy and Emonotonic is the en-

ergy required to achieve failure under monotonic loading. The values def max and def min are,

respectively, the positive and negative deformations that define failure, and dmax,i and dmin,i

are, respectively, the overall maximum and minimum deformation demands achieved until in-

crement i. In Mazzoni et al. (2006) and Y. Park and Ang (1985), each parameter of Pinching4

model is presented with more details.

To find the parameters that define pinching and degradation behavior, it was necessary to

approximate the numerical model to the experimental results in terms of median strength

degradation measured in three completed cycles at the same maximum rotation level. Based

on the calibration performed, the parameters αi used to model strength degradation, reloading

stiffness and unloading stiffness degradation are presented in Table 3.2. Additional parameters

obtained from the calibration are rDisp = 0.60, rForce = 0.50, and uForce = 0.05. Figure 3.2c

shows a good approximation of the Pinching4 model adopted to the experimental results, both

in terms of hysteretic response and strength degradation. Moreover, the approximation between

experimental and analytical results can also be evaluated in terms of dissipated energy, as shown

in Figure 3.2d, where the maximum relative error determined was 18%, although it can be seen

that the difference is mainly due to the energy dissipated in the initial cycles which is not as
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well captured by the model or could be associated with damping in the experimental setup.

Table 3.2: Parameters used to model the degradation

Parameter δdi δfi δki
α1 0.05 0.05 0.10
α2 0.05 0.05 0.10
α3 2.00 2.00 1.00
α4 0.10 0.10 0.50

3.3.3 Basic random variables and assumed statistical correlations

Uncertainties in timber members

The inherent uncertainties of timber, as a material, are considered in this chapter by assigning

different mechanical properties to each element. As presented in Table 3.3, seven random

variables are considered for each timber element. The distribution parameters of the reference

properties (bending strength, bending modulus of elasticity, and density) are computed based

on characteristic values, defined in EN14080 (CEN, 2013a) for the homogeneous GL24h strength

class, and on the coefficients of variation and probabilistic distributions proposed in Köhler et

al. (2007). The expected values and the coefficients of variation of the remaining properties are

computed according with the expressions proposed by Köhler et al. (2007), for Nordic softwood.

Table 3.4 presents the intra-element correlation coefficients considered.

Table 3.3: Random variables for timber material properties

X Dist. E[X] CoV[X] Description
Rm LN 31 0.15 Bending strength // to the grain (N/mm2)
Em LN 11500 0.13 Bending modulus of elasticity (N/mm2)
ρden N 420 0.1 Density (kg/m3)
Rt,0 LN 18.6 0.18 Tension strength // to the grain (N/mm2)
Rc,0 LN 23.4 0.12 Compression strength // to the grain (N/mm2)
Gv LN 718.8 0.13 Shear modulus (N/mm2)
Rv LN 3.12 0.15 Shear strength (N/mm2)

It is considered that the properties of different elements are also correlated. A high inter-element

correlation coefficient of 0.8, shown in Table 3.5, is assumed to simulate the assumption that

laminations of different elements are assumed to origin from the same consignment of sawn

wood.
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Table 3.4: Intra-element correlation coefficient matrix (PMC)

Rm Em δden Rt,0 Rc,0 Gv Rv

Rm 1.0 0.8 0.6 0.8 0.8 0.4 0.4
Em 1.0 0.6 0.6 0.6 0.6 0.4
ρden 1.0 0.4 0.8 0.6 0.6
Rt,0 1.0 0.5 0.4 0.6
Rc,0 1.0 0.4 0.4
Gv 1.0 0.6
Rv 1.0

Table 3.5: Inter-element correlation coefficient matrix

B1 B2 B3 C1 C2 C3
B1 - 1st floor beam 1.0 0.8 0.8 0.8 0.8 0.8
B2 - 2nd floor beam 1.0 0.8 0.8 0.8 0.8
B3 - 3rd floor beam 1.0 0.8 0.8 0.8
C1 - Left column 1.0 0.8 0.8
C2 - Center column 1.0 0.8
C3 - Right column 1.0

Uncertainties in ring-doweled connection properties

The probabilistic assessment performed in this study implies the computation of yielding mo-

ment and rotational stiffness for each moment-resisting joint. In the case of ring-doweled

connections, these properties depend strongly on the embedment strength of the connected

elements, which can be related to the density of wood. According to Bouchäır et al. (2007) a

constant stiffness per dowel for each of the dowels within a single connection can be assumed.

This results in an equal distribution of load among all connectors, for each layer, and also to

a geometrical center of the joint coincident with the center of rotation. A constant stiffness

for all dowels within a single connection is assumed here, in order to compute stiffness and

strength properties of the joints. Nevertheless, it is important to stress that small tolerances

and wood variations likely lead to an un-equal stiffness and load distribution. According to

EC5 and Porteous and Kermani (2013), the elastic rotational stiffness Kel can be estimated as:

Kel,EC5 = nsp · kser ·
n∑
i=1

r2
i (3.6)

where nsp is the number of shear planes, ri is the distance of each fastener from the center, and

kser is the slip modulus per shear plane (CEN, 2005) given by:
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kser =
ρ1.5
con · d
23

(3.7)

where ρcon is the wood density, in kg/m3, and d is the diameter of the dowels, in millimeters.

It is worth noting that due to the variability of connected elements it is necessary to consider

different densities for different members. Thus, ρcon used in the equation (3.7) is the geometric

mean of the density of adjacent members given by ρcon =
√
ρden,1 · ρden,2, as proposed in EC5 for

connections involving members with different densities. In this work, ρden,1 and ρden,2 are the

densities of outer (columns) and inner (beams) elements respectively. The rotational stiffness

of the beam column joint is then defined as:

Kel = λKel · nsp · kser ·
n∑
i=1

r2
i (3.8)

where λKel is a bias coefficient. As reported in Polastri et al. (2013), equation (3.6) overesti-

mates the rotational stiffness. Considering the envelope experimental backbone curve, the value

obtained through the experimental tests (Kel,test) is equal to 6936.6 kN.m/rad. Nevertheless,

the rotational stiffness obtained through equation (3.8) is equal to 12572.0 kN.m/rad, with a

measured wood density of 467 kg/m3. Thus, to consider this feature the rotational stiffness

used to perform the nonlinear analysis is affected by a bias coefficient λKel = Ktest
el /Ktest

el,EC5 =

0.55.

According to Porteous and Kermani (2013), the yielding moment of a ring-doweled joint can

be determined from equilibrium as

My,EC5 =
n∑
i=1

FR,iri (3.9)

where FR,i is the yielding force of fastener i, which is given by:

FR,i = 2FV,R

(
ri
rmax

)A
(3.10)

where parameter A is a constant that accounts for the nonlinear load-deformation response

of isolated dowels and rmax is the distance between the center and the farthest layer. For
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the moment-resisting connection studied in this thesis, A is assumed equal to 0.5 (Polastri et

al., 2013). The determination of dowel resistance force FV,R per shear plane is based on the

Johansen's yielding theory (Johansen, 1949). Considering moment resisting connections used

in the case study, the resistance force FV,R of a dowel per shear plane is computed as:

FV,R = min



FR,a = fh,α,1 · t1 · d

FR,b = 0.5fh,α,2 · t2 · d

FR,c = 1.05
fh,α,1·t1·d

2+βh

[√
2βh(1 + βh) +

4βh(2+βh)My,dowel

fh,α,1·t21·d
− βh

]
FR,d = 1.15

√
2βh

1+βh

√
2My,dowel · fh,α,1 · d

(3.11)

where ti is the thickness of the members, fh,α,i is the embedment strength of the members in

the direction of the load applied (α) on the fastener; βh is the ratio between the embedment

strength of the beam and the embedment strength of the column (β = fh,α,2/fh,α,1), and d is the

diameter of dowels. Thus, fh,α,1 and fh,α,2 are determined considering the influence of the angle

α relative to the grain (α = 0 corresponds to the direction parallel to grain). The embedment

strength fh,α is computed through the following equation:

fh,α =
fh,0

k90 sin2α + cos2α
(3.12)

where k90 = (1.35 + 0.015d) for softwood (CEN, 2005) and fh,0 is the embedment strength in

the parallel to grain direction given by:

fh,0 = 0.082(1− 0.01d)ρden (3.13)

Failure modes given in equation (3.11 a) and (3.11 b) refer to timber embedding failure. To

guarantee the ductility of connections, it is recommended to design the connections to fail in

the failure modes correspondent to equations (3.11 c) and (3.11 d), which are dependent on the

yielding moment of each dowel My,dowel that can be obtained through the following equation:

My,dowel = 0.3fud
2.6 (3.14)
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where fu is the ultimate yield capacity in tension. The ultimate capacity in tension of dowels

fu is also assumed as a random variable varying from connection to connection. This variable

follows a lognormal distribution with a median value of 427.2 MPa and a coefficient of variation

equal to 0.04 (PMC, 2011) corresponding to a characteristic value of 400 MPa. A bias coefficient

λMy has to be considered to affect the values of yielding moment obtained through equation

(3.9). As in the case of rotational stiffness, the yielding moment is also over-estimated by

the formulae proposed in EC5. Consequently, the coefficient λMy is the ratio between the

yielding moment of the experimental backbone curve (MI = 83.93 kN.m) and the predicted

yielding moment M test
y,EC5 (= 101.04 kN.m) obtained through equation (3.9) using the mechanical

properties of the experimental specimens (fu = 580 MPa). Thus, the deterministic value of

λMy is considered in the Latin Hypercube samples is given by:

λMy =
MI

M test
y,EC5

= 0.83 (3.15)

Consequently, the yielding moment used for Latin Hypercube samples is defined by the following

equation:

MI,LHS = My = λMy

n∑
i=1

FR,iri (3.16)

From the set of structural model samples generated using the parameters presented in Tables

3.3 to 3.5, the yielding moment (equation (3.9)) and elastic rotational stiffness (equation (3.8))

were computed for each joint, and each structure in 9000 size samples for each property with

parameters shown in Table 3.6.

Table 3.6: Lognormal parameters for moment-resisting joints properties

X µlnX ξlnX E[X] CoV[X] KS (p− value)
My,LHS [kNm] 4.103 0.051 60.6 0.05 0.144
Kel,LHS [kNm/rad] 8.679 0.143 5937.6 0.143 0.130

Due to the current requirements of EC8 for high ductility class structure, it is worth noting

that the capacity of the ductile failure mode shown in equation (3.11 d) was the one that

governed the strength capacity of the dowels, even when variability on timber properties and

dowels ultimate strength was assumed. This is a consequence of the high slenderness of dowels
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(t ≥ 10d) and the mild steel quality assumed during design.

The parameters defining the post-yield behavior of the hysteretic models defined for the connec-

tions are also considered as random variables. The envelope curve of the cyclic test presented

in Figure 3.2c was used in defining points I to IV of the backbone curve of Pinching4. The

ratios between the yielding moment (MI) and the values MII and MIII were assumed to be de-

terministic and equal to those observed in the experimental tests. From the response envelope

obtained, through the process defined in section 3.3.2, the parameters MII and MIII are given

by:

MII =
M test

II

M test
I

MI ≈ 1.36MI (3.17)

MIII =
M test

III

M test
I

MI ≈ 1.53MI (3.18)

where M test
I = 83.9 kN.m; M test

II = 114.45 kN.m and M test
III = 128.6 kN.m. The residual strength

(MIV ) is defined as 20% of the yielding moment (M test
I ). The rotations necessary to define the

backbone of moment-resisting joints are also assumed as random variables. Their values are

defined considering the yielding rotation θy and the parametersXII , XIII , andXIV , as presented

in the following equations:

θy =
My

Kel

(3.19)

θII = θy +XII · θy (3.20)

θIII = θII +XIII · θy (3.21)

θIV = θIII +XIV · θy (3.22)

Lognormal distributions were assumed for XII , XIII and XIV , as these parameters must be pos-

itive. The mean values for the parameters are illustrated in Figure 3.3, which was obtained from

calibration of the backbone curve of the experimental results shown in Figure 3.2c. Since there

are no studies available in the literature regarding the variability of post-yielding rotations of

ring-doweled connections, and, there are more factors (e.g. cracks on the vicinity of dowels) that
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may induce deviations on the idealized backbone, a high coefficient of variation was assumed

for the variables XII , XIII and XIV . The parameters used to represent post-yielding rotation

properties are presented in Table 3.7 and illustrated in Figure 3.3. Additional parameters used

to define the hysteretic behavior of connections are assumed to be deterministic.
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Figure 3.3: Backbone curve used for ring-doweled response

Table 3.7: Post-yielding rotations variability

X µlnX ξlnX E[X] CoV[X]
XII 0.514 0.385 1.80 0.4
XIII 0.970 0.385 2.84 0.4
XIV 1.535 0.385 5.00 0.4

Distribution of the periods of vibration of the structural set

The random variables considered in this chapter affect mass and stiffness of the structure which

in turn induce variability on periods of vibration of each generated structural model realization.

It is worth noting that the fundamental period T1 plays an important role on the development

of multi-record IDA, since the time-history records considered are scaled to the same first

mode spectral acceleration Sa(T1), and therefore its expected value needed to be determined

in this section before performing the ground motion selection and before defining the reference

intensity measure. The first natural period for the 1000 structural models generated through

LHS has a median value equal to 0.97 s while the median of the second natural period is 0.14 s.

All the realizations of the structural set have in common the fact that 95% modal mass is

reached with only two lateral modes of vibration. The probability distribution of computed

natural periods can be approximated by lognormal distributions (p-value equal to 0.83 and
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0.99 respectively, for a significance level of 5%): (T1 ∼ LN (µLN = −0.032, ξLN = 0.057) and

T2 ∼ LN (µLN = −1.991, ξLN = 0.052)).

3.3.4 Ground motion selection

A set of 24 ground motion records was selected and scaled to the 2% damped linear elastic

acceleration response spectra considered in EC8 for a site in Lisbon, Portugal. According to

the national document of application of EC8, it is necessary to consider two types of seismic

action for any site in Portugal, including the Type 1 far-field ground motions which correspond

to magnitudes higher than 7.0, and Type 2 near-field ground motions characterized by magni-

tudes lower than 7.0. The set of ground motions were extracted from the Pacific Earthquake

Engineering Next-generation Attenuation (PEER NGA) database (PEER, 2002). The main

characteristics of the time-history records selected are presented in Table 3.8. The respective

response spectra are shown in Figure 3.4 where the elastic response target spectra of EC8 is

also presented. In this figure, it can be seen that the response spectra of the selected records

match the target spectra in the period range of interest, taken as 0.2T1 to 3.0T1, where T1 is the

median fundamental period of vibration of the structural set. The values presented in Table

3.8 to characterize the time-history records used are the peak-ground acceleration (PGA), the

median first-mode spectral acceleration (Sa(T1)), and the scale factors (SFi) used to scale the

records to the target response spectra.
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Figure 3.4: Response spectra used to perform multi-record IDA: (a) Type 1; (b) Type 2
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Table 3.8: Set of ground motion records selected

Event Station PGA (g) Sa(T1) SF1 SF2

Kobe, Japan, 1995 Fukushima #000 0.185 0.913 0.977 -
Kobe, Japan, 1995 Fukushima #090 0.215 0.558 0.978 -
Loma Prieta, 1989 Hollister Diff. Array #255 0.252 0.612 1.066 -
Loma Prieta, 1989 Sunnyvale Colton Ave #270 0.170 0.254 1.091 -
Kobe, Japan, 1995 Shin-Osaka #000 0.217 0.369 1.153 -
Superstition Hills, 1987 Wildlife Liquefaction Array # 360 0.185 0.456 0.759
Kobe, Japan, 1995 Amagasaki #000 0.233 0.883 0.740 -
Kobe, Japan, 1995 Kobe University #000 0.259 0.603 0.669 -
Kobe, Japan, 1995 Amagasaki #090 0.327 0.693 0.647 -
Kobe, Japan, 1995 KJMA #090 0.630 1.348 0.589 -
Loma Prieta, 1989 Agnews State Hospital #090 0.161 0.194 1.517 -
Kobe, Japan, 1995 KJMA #000 0.590 1.620 0.415 -
Friuli, Italy-01,1976 Tolmezzo #000 0.357 0.252 - 1.028
Friuli, Italy-01,1976 Tolmezzo #270 0.301 0.299 - 1.001
Kobe, Japan, 1995 Abena #000 0.149 0.351 - 1.078
Kobe, Japan, 1995 Abena #090 0.231 0.172 - 0.908
Northridge, 1994 LA, Baldwin Hills(985) 0.239 0.154 - 0.896
Imperial Valley, 1979 El Centro Array, #13 #140 0.145 0.175 - 0.892
Kobe, Japan, 1995 HIK #000 0.118 0.257 - 1.141
Loma Prieta, 1989 Coyote Lake Dam Downstream #285 0.180 0.178 - 0.848
San Fernando, 1971 LA, Hollywood Stor. Lot #090 0.225 0.250 - 0.829
Imperial Valley, 1979 El Centro Array, #12 # 140 0.118 0.144 - 1.208
Kobe, Japan, 1995 Kakogawa #090 0.324 0.305 - 0.540
Kobe, Japan, 1995 Kakogawa #000 0.240 0.233 - 0.746
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3.4 Performance assessment

In this section, the seismic capacity of the structural set of 1000 structural models obtained with

LHS method, is evaluated through nonlinear static analysis and incremental dynamic analysis.

3.4.1 Pushover analysis

Estimates of equivalent reference system parameters

From the results of the capacity curves shown in Figure 3.5a, the parameters shown in Fig-

ure 3.5b that define the equivalent bilinear inelastic were obtained, including the peak base

shear F ∗
max, the reference yield displacement d∗y, and associated yield force F ∗

y , and the ultimate

displacement d∗u. The initial stiffness is determined considering the secant stiffness to the point

of the first yield of one of the moment resisting connections. The ultimate displacement d∗u is

defined as that corresponding to a decrease of 20% from F ∗
max (”near - collapse” state). The

yielding force F ∗
y results from the application of the Energy Equivalent Elastic Plastic (EEEP)

method (Foliente, 1996), which consists in balancing the total energies below the obtained ca-

pacity curve and the equivalent bilinear model. The distribution of the parameters are listed in

Table 3.9. All the parameters fit a lognormal distribution according to the Kolmogorov-Smirnov

(KS) test.
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Table 3.9: Lognormal parameters for q-factor estimates

X µlnX ξlnX X0.50 E[X] CoV[X] KS (p− value)
F ∗
y [kN ] 4.670 0.059 106.7 106.9 0.048 0.58
d∗y[m] -1.765 0.076 0.171 0.172 0.076 0.99

F ∗
u [kN ] 4.531 0.061 92.9 93.0 0.061 0.66
d∗u[m] -0.383 0.111 0.681 0.686 0.112 0.84
Rµ 1.382 0.076 4.0 4.0 0.076 0.96
RΩ 0.580 0.059 1.8 1.8 0.059 0.58
q-factor 1.959 0.084 7.1 7.2 0.084 0.90

Estimation of the q-factors

According to Fajfar (1999) the q-factor is given by:

q = Rµ ·RΩ (3.23)

where Rµ is the ductility factor and RΩ is the overstrength factor. In this chapter, Rµ is

computed with the formulae proposed by Vidic et al. (1994):

Rµ =

 (µ− 1)T1/TC + 1 , T < TC

µ , T > TC
(3.24)

where the coefficient µ is the ratio between ultimate and yielding displacements of the equivalent

inelastic model (i.e. µ = d∗u/d
∗
y), T1 is the fundamental period of a structure, and TC is the

transition period that is equal to 0.8 s for the site considered in this study. All the fundamental

periods computed, for the structural set, are higher than TC , which means that Rµ = µ.

In turn, the overstrength factor RΩ is considered equal to the ratio between the yielding force

F ∗
y , of each structural sample, and the base shear force F ∗

1,d. This value was taken from the

design structure capacity curve, presented in Figure 3.5a, when any connection reaches the

yielding moment (F ∗
1,d = 59.8 kN).

The quantities used to evaluate the q-factor can be computed using the parameters listed in

Table 3.9. The table shows that the median value of the q-factor obtained from the pushover

analysis with modeling uncertainties (q0.50 = 7.1) is significantly higher than the q-factor rec-

ommended in EC8 for structural design (qEC8 = 4.0), respectively. Moreover, it is worth noting
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that the median value of the ductility factor Rµ obtained is 4.0, which is similar to the q-factor

used in the design of this structure. On the other hand, a linear correlation coefficient of 0.46

and 0.74 are obtained between the q-factor and RΩ and between the q-factor and Rµ, respec-

tively. A lognormal probability density function was fitted to the values of q-factor obtained,

as shown in Figure 3.6. The median value of the q-factor is approximately 7.1.

Results listed in Table 3.9 for the Rµ and q-factor indicate that the q-factor considered in

EC8 and the detailing requirements defined in EC8 and EC5 are adequate for the design

of this moment resisting frame structure, even though they also indicate that the detailing

requirements may be optimized to achieve more cost-effective connections and members in

future studies.
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Figure 3.6: q-factor levels and fitted PDF

Estimation of interstory drift ratio limit states

The estimation of a relationship between the interstory drift ratios and the joint rotations is

performed in this section. These values are obtained here from the capacity curves, where each

damage state is associated with a certain structural damage. It is assumed that the Immediate

Occupancy damage state (IO) is reached when an interstory drift ratio associated with the first

yielding of any connection in the building. It is considered that Life Safety damage state (LS)

is reached when any moment-resisting connection reaches its capping rotation θIII , shown in

Figure 3.3. For the Collapse Prevention (CP) damage state, the threshold is given from the

highest interstory drift ratio obtained when the structure reaches the ”near - collapse” state

(20% decrease from maximum capacity).

81



Table 3.10 lists the lognormal parameters obtained for each limit state interstory drift ratio.

The results in Table 3.10 show that the mean threshold values of interstory drift ratio are 1.2%,

4.9%, and 7.9% for the IO, LS, and CP damage states. The values of the coefficient of variation

vary from 9% to 14.4%.

Table 3.10: Lognormal parameters for limit state interstory drift ratios

Damage state µln θmax ξln θmax θmax,0.50 E[X] CoV[X] KS (p− value)
IO -4.437 0.091 0.012 0.012 0.091 0.46
LS -3.015 0.144 0.049 0.049 0.144 0.90
CP -2.540 0.108 0.079 0.080 0.109 0.97

The Kolmogorov-Smirnov (KS) goodness-of-fit test confirms that the lognormal distribution is

an acceptable distribution for the limit state thresholds considered with a confidence level of

95%. The goodness-of-fit of the distributions is also shown in the lognormal probability plots

presented in Figure 3.7.
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3.4.2 Incremental Dynamic Analysis

In order to evaluate the effect of record-to-record variability, the single-record curves IDA for

both design structure (T1 = 1.13s) and median structure (T1 = 0.97s) are shown in Figure 3.8a

and 3.8b, respectively. The design structure shows a lower capacity both in terms of spectral

acceleration and peak interstory drift ratio at global collapse. Despite the differences regarding

strength and stiffness between the two structures, the ability of joints to deform in the nonlinear

range contributes considerably to these results. The parameters XII , XIII and XIV , used to
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compute the backbone curve, differ considerably since the 5th percentile value was used for the

design structure, instead of the median value used for the median structure.
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Figure 3.8: Single-record IDA Curves: (a) Design structure; (b) Median structure

In Figure 3.9a, the results for all multi-record IDA curves (NIDA = 24000) are summarized by

the mean and median IDA curves for the structural set. In addition, the mean and median IDA

curves of the median structure (NIDA = 24) are also shown in this figure. Figure 3.9b shows

the coefficient of variation of the estimated capacity (Sa(T1)) versus peak interstory drift ratio.

From the results shown it possible to see that the structural set and median structure present

similar mean and median curves for peak interstory drift ratios lower than 5%. The coefficient

of variation of spectral acceleration is higher for the structural set, for peak interstory drift

ratios lower than 5%, as shown in Figure 3.9b. These results were expected as a consequence of

including structural uncertainties. For peak interstory drift ratios greater than 5%, the median

structure presents higher mean and median capacity, but similar coefficient of variation, when

compared to the structural set. Similar observations have been reported in the literature for

RC structures (Liel et al., 2009).

Disaggregation of the multi-record IDA results by the q-factor

The seismic capacity of heavy-timber frame structures depends strongly on the hysteretic energy

dissipation of connections, which is related to the deformation capacity of the moment-resisting

joints. In the following disaggregation of the results, the q-factor is subdivided into four inter-

vals, as shown in Figure 3.6. The first interval comprises structures with q-factor lower than

its 16th percentile (q0.16 = 6.5), while the second groups structures with q-factor between the
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Figure 3.9: Multi-record IDA results: (a) mean and median IDA curves; (b) coefficient of
variation of Sa(T1)

16th percentile q0.16 and the 50th percentile q0.50, (q ∈ [6.5, 7.1[). The third interval is equal to

q ∈ [q0.50, q0.84[ and the last one comprises structures with q-factor higher than its 84th percentile

(q0.84 = 7.7).

For improved clarity only the median fractile multi-record IDA curves are presented in Fig-

ure 3.10a. It is evident that for drift ratio levels greater than 2.5%, the capacity of the structure

increases as the q-factor increases for the same level of deformation. It can also be seen the

higher the q-factor, the higher the structural capacity associated with the global collapse. In

Figure 3.10b, the coefficients of variation of the spectral acceleration versus peak interstory

drift ratios are shown, for different levels of the q-factor. There are no generalized differences in

terms of coefficient of variation when different levels of q-factor are considered across all values

of peak interstory drift ratios.

0 0.025 0.05 0.075 0.1
0

0.5

1

1.5

2

S
a
 (

T
1
) 

(g
)

Peak interstory drift ratio

 

 

q−factor levels

(a)

[0,16%[

[16%,50%[

[50%,84%[

[84%,100%]

0 0.025 0.05 0.075 0.1
0

0.1

0.2

0.3

0.4

0.5

C
o
V

 [
S

a
 (

T
1
)]

Peak interstory drift ratio

 

 

q−factor levels

(b)

[0,16%[

[16%,50%[

[50%,84%[

[84%,100%]

Figure 3.10: Multi-record IDA curves for different q-factor levels: (a) median fractile curves;
(b) coefficient of variation of Sa(T1)
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3.5 Fragility Analysis

The fragility functions computed here result from fitting a lognormal distribution to the spectral

accelerations extracted from the IDA curves for each limit state. In this section, the effect

produced by modeling uncertainties and q-factor variability on the different fragility functions

are presented. Table 3.11 summarizes the results for the fragility curves, determined for IO,

LS, and CP damage states. For each damage state level, three different values were chosen

to define exceedance of a certain capacity level, namely 16th, 50th and, 84th percentile of each

limit state. The influence of limit state threshold on the fragility functions can therefore be

assessed for the median structure and the structural set. It can be seen that the expected values

are similar for both structural set and median structure when IO damage state is considered.

Nevertheless, the coefficient of variation is higher for the structural set. For example, in Table

3.11, it can be seen that, when the median value of interstory drift ratio is considered as

threshold (θmax = 0.0118), the difference on expected values is negligible whereas the coefficient

of variation of the structural set is 18% higher than the one obtained for the median structure.

The expected values of the structural set are 2% to 4% higher when compared with the median

structure for LS damage state. In terms of coefficient of variation, the values obtained for the

structural set are higher, raging from 11% to 13%. For the CP damage state, the differences

between the structural set and the median structure are negligible in terms of coefficient of

variation. Nevertheless, the expected value obtained for the median structure is 3% to 6%

higher than the expected value of the structural set. From the IO and LS fragility curves,

graphically represented in Figure 3.11a and Figure 3.11b, respectively, it is observed that the

limit state interstory drift ratios admitted as thresholds influence both the expected value and

the coefficient of variation. Consequently, these values may be considered as random variables

in further studies.

Table 3.12 presents the fragility curve parameters for GC damage state. These parameters are

similar to the ones obtained for the CP damage state. This observation can be justified by the

peak interstory drift ratios used as thresholds for the CP damage state, since these values may

exceed the peak interstory drifts ratios related to the dynamic instability observed in the IDA

curves. As shown in Table 3.12, the expected value of GC damage state peak interstory drift

ratio, for the structural set, is lower than the expected value used for CP limit state value.

Consequently, a considerable number of structural models reached instability for the interstory
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drift ratios considered for CP. Moreover, the coefficient of variation of global collapse peak

interstory drift is 37% higher than the one obtained for CP damage state.

Table 3.11: Fragility curves parameters for IO, LS and CP

Structural set Median structure
Limit state θmax µlnD ξlnD E[X] (g) CoV[X] µlnD ξlnD E[X] (g) CoV[X]

0.0108 -1.457 0.136 0.235 0.137 -1.461 0.117 0.234 0.117
D > IO 0.0118 -1.370 0.137 0.257 0.138 -1.373 0.117 0.255 0.117

0.0130 -1.275 0.140 0.282 0.141 -1.279 0.117 0.280 0.117
0.0425 0.164 0.387 1.270 0.402 0.143 0.345 1.225 0.356

D > LS 0.0490 0.287 0.413 1.451 0.431 0.282 0.359 1.414 0.371
0.0566 0.413 0.441 1.666 0.463 0.410 0.401 1.633 0.418
0.0708 0.549 0.468 1.932 0.495 0.582 0.461 1.990 0.487

D > CP 0.0789 0.582 0.481 2.010 0.510 0.632 0.477 2.108 0.506
0.0878 0.594 0.483 2.035 0.513 0.650 0.480 2.150 0.509
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Figure 3.11: Fragility curves for different θmax levels: (a) Immediate Occupancy; (b) Life Safety

The impact of considering modeling uncertainties, on a GC fragility curve, is reflected in the

expected values presented in Table 3.12, for both structural set and median structure. As

shown in Figure 3.12b, a similar dispersion is observed, but neglecting modeling uncertainties

may lead to an overestimation of the collapse capacity. A higher variability is observed for the

structural set whereas the median structure presents a greater expected value. The cumulative

distribution functions of peak interstory drift ratios are presented for GC in Figure 3.12a.

The disaggregation of the multi-record IDA results by different levels of q-factor, allow to

present fragility curves for different q-factor levels. Table 3.13 shows results for both LS and

CP damage states, considering median values of interstory drift ratios as limit-state thresholds.

The disaggregation of fragility curves in different q-factor levels shows that higher q-factors cor-

respond to higher expected values and higher coefficients of variation of the structural capacity.
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Figure 3.12: Global collapse fragility curves: (a) for different q-factor levels ; (b) median
structure and structural set

Table 3.12: Lognormal parameters for peak interstory drift ratio and spectral acceleration at
GC

Spectral acceleration (Sa(T1)) Peak interstory drift ratio (θmax)
µln ξln E[X] (g) CoV[X] µln ξln E[X] CoV[X]

Structural set 0.598 0.483 2.044 0.513 -2.557 0.148 0.078 0.149
Median structure 0.652 0.480 2.154 0.510 -2.490 0.079 0.083 0.079

These results are shown graphically in Figure 3.13. The capacity/demand ratio for timber

members and the beam-column joints were checked for a sample of the ground motions with

the 5% damped linear response spectral accelerations at the fundamental period of vibration

of the structure ranging from 1.4g to 4.5g. It was observed that neither the members nor the

beam-column joints reached their ultimate deformation capacity.

Table 3.13: LS and CP fragility curves parameters for different levels of q - factors

Fractile LS - θmax,0.50 = 0.0490 CP - θmax,0.50 = 0.0789
µlnD ξlnD E[X] CoV[X] µlnD ξlnD E[X] CoV[X]

[0, 16%[ 0.199 0.393 1.318 0.409 0.474 0.437 1.767 0.459
[16%, 50%[ 0.263 0.404 1.411 0.421 0.559 0.472 1.955 0.500
[50%, 84%[ 0.314 0.416 1.493 0.435 0.604 0.492 2.065 0.523
[84%, 100%] 0.361 0.432 1.575 0.453 0.656 0.499 2.183 0.532
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Figure 3.13: Fragility curves for different q-factor levels: (a) Life Safety; (b) Collapse Prevention

3.6 Conclusions

The performance of a heavy-timber structure designed with ring-doweled moment resisting con-

nections was evaluated in this chapter. It is important to note that the results obtained here

are specific to one direction of a three-story building. The ring-doweled joints used to connect

beams and columns had already been experimentally studied under cyclic testing in Polastri

et al. (2013). The results had shown that the connection could fulfill the requirements of

EC8 for high ductility class structures. To evaluate the effectiveness of this connection on a

prototype structure, a three-story building designed following EC5 and EC8 codes was sub-

jected to a comprehensive seismic performance assessment which included numerical nonlinear

static and nonlinear dynamic analysis. OpenSees was used for the numerical analysis, in which

the Pinching4 constitutive model was used to capture the moment-rotation behavior of ring-

doweled moment resisting connections, which was calibrated based on testing data available in

the literature. The inherent variability of the timber structural members was included in the

analysis as modeling uncertainties, which influenced the structural capacity and the notable

points used to characterize the hysteretic response of the connections. Using a set of 1000 struc-

tural models generated with the Latin Hypercube Sampling method, a probabilistic assessment

was performed including spatial variability of strength and stiffness of timber elements and

connections properties.

Nonlinear static analyses were first performed to evaluate the variability of limit-state interstory

drift ratios and q-factors. The consideration of modeling uncertainties allowed the estimation

of a probabilistic distribution of q-factors for the structural set. The main observations from
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this part of the chapter were:

� Parameters for the peak value of interstory drift ratio θmax associated with different

damage states were obtained. Median values obtained were 1.2%, 4.9%, and 7.9% for the

IO, LS, and CP damage states, respectively. In addition, the coefficient of variation of

θmax ranged from 9% to 15%, which are relatively low values, specially since modeling

uncertainties were explicitly considered;

� The median value of the q-factor obtained from analyses was considerably higher (q= 7.1)

than the value prescribed in EC8 (qEC8 = 4.0). Moreover, the median value of the ductility

factor Rµ obtained was 4.0. These results indicate that the q-factor values considered in

EC8 and the detailing requirements defined in EC8 and EC5 are adequate for design of

this type of structure.

In a second part of the chapter, a multi-record incremental dynamic analysis (IDA) was per-

formed assuming the first mode spectral acceleration as the intensity measure and peak inter-

story drift ratio as the damage measure. Main observations from the IDA curves were:

� The results showed that modeling uncertainties have a slight influence on the expected

values of the IDA curves for peak interstory drifts ratios lower than 5%. Nonetheless,

when modeling uncertainties are taken into account the coefficient of variation increases

up to 43%;

� From the disaggregation of the IDA curves according to four different q-factor levels, it

was observed that structural models with higher q-factors are more likely to resist ground

shaking with higher intensities. These results can be partially explained due to the fact

that a positive linear correlation of 0.46 was observed between the q-factor and RΩ;

� No brittle failures were observed in the dynamic analyses conducted to compute the IDA

curves, indicating that the sizing requirements in EC8 are adequate, but potentially too

conservative, thus leaving room for improvements of the slenderness of the members and

dowels.

Several seismic fragility curves for different performance levels, including Immediate Occupancy,

Life Safety, Collapse Prevention, and Global Collapse, were determined using multi-record in-

cremental dynamic analysis. These were based on interstory drifts that were defined considering
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the limit-states of the moment-resisting joints and the building capacity curves, specifically for

the global collapse estimates. In this case, the main observations were:

� Modeling uncertainties did not affect the median values of the fragility curves associated

with IO and LS. However, the coefficient of variations increased by 18% and 13% when

the modeling uncertainties were considered for the IO and LS damage states, respectively;

� When modeling uncertainties are neglected an overestimation of the capacity is obtained,

both in terms of spectral acceleration and peak interstory drift for the CP and GC damage

states, by approximately 3% and 5%, respectively. However, the coefficient of variation

did not change for the CP and GC damage states, when modeling uncertainties were

considered.

As described above, there is room to perform further experimental tests to evaluate how a reduc-

tion in connected elements thicknesses and slenderness of dowels would impact the ductility and

strength degradation of ring-doweled joints. Such tests, along with the methodology proposed

in this thesis, could contribute to a proposal for new design values and detailing requirements

to moment-resisting joints, in future works. Moreover, the variability on the responses observed

during this study also indicates that more experimental tests need to be performed in the fu-

ture to build a database of moment-resisting timber connections. This would also allow for

characterization of the uncertainty of the expected model parameters used in design and their

correlation with observed joint performance.
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Chapter 4

Robustness Assessment of a

heavy-timber frame structure

4.1 Introduction

Robustness is commonly associated with the ability of a structure to avoid progressive collapse

due to local damage, resulting from an unpredictable event. The unpredictable event, can con-

sist of an unprovoked gas explosion (e.g. Ronan Point apartment tower, in London), a blast

from an explosive device (e.g. Murrah building, in Oklahoma, U.S.), undetected material dete-

rioration and design or construction errors (e.g. Siemens Arena, near Copenhagen). Therefore,

structural engineering can only truly address a building’s vulnerability and robustness, when

it comes to the probability of disproportional collapse.

The definition of the adopted terminology is quite important, especially when there is not

consensus surrounding many of the common terms used in this field. In this work, failure

and damage are terms used interchangeably when applied to structural components, and both

mean that the performance criteria established were not fulfilled. For example, a connection

is damaged when it failed due to excessive deformation, or a column is damaged due to shear

failure. When addressing the whole structure, failure shares the definition established for

structural components (not fulfilling performance criteria), while the term damage refers to a

deviation from the design state that partially compromises functionality, due to failure of a

structural component.
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The definition of robustness itself is still up to debate among engineers, building owners, and

remaining agents involved. According to the EN-1991-1-7 (CEN, 2006), robustness is the ability

of a structure to withstand events like fire, explosions, impact or the consequences of human

errors while not being damaged to an extent that is disproportionate to the original cause.

ISO (2007) defines robustness as the ability of a structure to withstand abnormal events or

consequences of human errors, while not being damaged to an extent disproportionate to the

original cause. Another similar definition is given by SIA (2004) where robustness is mentioned

as the ability of a structure and its members to keep the amount of deterioration or failure

within reasonable limits in relation to the cause.

From these definitions, is possible to understand that the concept of robustness is intrinsically

connected with the terms ”progressive collapse” and ”disproportionate collapse”. One considers

that a progressive collapse refers to a series of components’ failures that resulted from an

unrelated initial component failure. It means that an initial, contained collapse provoked a

chain reaction of failures throughout the structure. On the other hand, a ”disproportionate

collapse” occurs when the subsequent structural collapse is exaggerated (”disproportionate”)

when compared to the initial failure. Therefore a progressive collapse can be disproportionate,

but the reverse is not necessarily true (Starossek & Haberland, 2010; Huber et al., 2018). To

sum up, the concept of robustness adopted refers to the ability of the structure to withstand a

local failure, caused by an unforeseen event, without developing a disproportionate collapse.

To avoid ambiguities in the definition, Starossek and Haberland (2010) proposed the definition

of robustness using a probabilistic model, where EX is an exposure or abnormal event acting

on a structure, which may cause the local damage, D, which in turn might lead to the dispro-

portional collapse, DC. The probability of disproportionate collapse, P(DC) is determined as

follows:

P (DC) = P (DC|D) · P (D|EX) · P (EX) (4.1)

where P(EX) is the probability of occurrence of a certain exposure, P(D|EX) is the conditional

probability of initial damage given the exposure, and P(C|D) is the conditional probability of

disproportionate collapse given the initial damage. These probabilities correspond in general

terms to exposure, vulnerability, and robustness (Starossek & Haberland, 2010). The work

92



presented in this chapter focuses exclusively on robustness analysis, which corresponds to the

quantification of the conditional probability of disproportionate collapse given the initial dam-

age P(DC|D).

4.1.1 Review of progressive collapses cases

Infamous cases of progressive collapses include the collapse of the Ronan Point apartment tower

(1968), the Murrah Federal Building (1995), and the World Trade Centre twin towers (2001).

The progressive collapse mechanisms of concrete and steel buildings, as the ones previously

mentioned, have been widely researched, and such effort must also be directed at timber build-

ings, especially if one takes into consideration the brittle bending and tensile failure of timber

elements. Next, a brief review of notable cases that shaped robustness research is presented, fol-

lowed by a discussion of the two of the most well-known collapses of timber structures (Byfield

et al., 2014).

Relevant concrete and steel structures

The progressive collapse of the Ronan Point Apartment Tower can be considered the starting

point of studies related to robustness, since many relevant questions were raised regarding

the adequacy of existing codes, design methods, and construction techniques. In May 16,

1968, a gas explosion took place in the 18th floor of the 22 story apartment, which completely

sheared off the corner walls of the apartment. This led first to an upward progressive collapse

and then downward collapse of the corner of the building closest to the explosion site (see

Figure 4.1), which was clearly disproportionate to the initial wall collapse. From investigations

conducted at the time and research performed throughout the years, it became clear that the

main reason for the observed collapse sequence was related to the lack of structural redundancy.

When designing the structure, no alternative load-paths were considered, in case unexpected

events could interrupt the principal one. In this particular case, these events were related

with inappropriate choice of structural system, poor workmanship, and inadequacy of existing

building codes (Pearson & Delatte, 2005).

The Ronan Point Apartment Towers were built using the Larsen-Nielsen system, which relied

on a structural system of load-bearing wall panels directly supporting floor panels, being all
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Figure 4.1: Ronan Point progressive collapse

elements made out of precast concrete, including stairways. Walls and floors were bolted

together and the connections were consolidated with dry-pack mortar. One of the obvious

problems, was the application of this Danish method to a 22-story building, which completely

disregarded the recommendation of its use to buildings of up to 6 stories and did not allow a

proper structural design of the building. During demolition, a significant amount of construction

errors were also documented, particularly on the connections between walls and floor panels.

Another severe problem, concerned the inadequacy of building codes to this type of buildings,

both in terms of demand quantification and design recommendations. Existing codes at the

time underestimated the wind load, since they did not take into account the increased wind

speed with the height of the building, and also did not quantify correctly the effects of fire. Both

strong winds and uncontrolled fire could have started the progressive collapse observed due to

the explosion, as it was later verified through surveys and testing. Additionally, codes at the

time did not include any provisions regarding redundancy or robustness, which could provide

structural fail-safes (Pearson & Delatte, 2005). The inability of the structure to withstand the

consequences of all these factors pointed out the pressing need to perform significant changes

to building codes from several countries and to change the mindset of practitioners, when it

came to ensuring global structural integrity in the face of local damage.
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The Murrah building, in Oklahoma, U.S., partial collapse in 1995, is relevant, because it clearly

points out the importance of having alternative load paths as response to sudden loss of a single

column. The building lost a column after a vehicle-born improvised explosive device (VBIED)

exploded nearby, and the two neighboring columns failed in shear, leading to a progressive

collapse that propagated nearly to half of the building, as shown in Figure 4.2.

Figure 4.2: Murrah building: (a) intact structure; (b) partial collapse

The combination of specific features of the building are the cause of a disproportionate collapse

that killed 168 people. The combination of an open-space architecture with a glazed facade

(very low stiffness), in a non-seismic region, led to a lightly reinforced concrete frame structure,

with no interior walls or facades that could provide load redistribution, in case of a local failure

(Byfield & Paramasivam, 2011).

The biggest tragedy related to building collapse is without a doubt the collapse of the World

Trade Center in 2001, but very little research has been done surrounding this case. In a

simplified explanation, the structural system can be described as composed by a peripheral

rigid frame connected, by a truss system incorporated between the 107th and 110th floors, to

a load-bearing central core. There is some discussion surrounding the reason why the towers

did not collapse immediately after the impact of the airplanes, which reportedly severed up

to 36 perimeter columns in each tower. One explanation suggests that the structural system

was able to redistribute the dead-loads from the damaged columns to the surrounding ones by

Vierendeel frame action, and possibly due to the presence of the truss system that redirected
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loads to the central core (Byfield et al., 2014).

Siemens Arena

A failure of a cycling arena in Ballerup, near Copenhagen, allowed a discussion about robustness

design and assessment for large-span timber roofs. As shown in Figure 4.3a, the main structure

was composed by 12 meters equally spaced fish belly beams with a free span of 72 m. For the

secondary system, the designers opted for simply supported purlins. As shown in Figure 4.3b,

two of the main beams collapsed without warning while subjected to normal wind and snow

loads. This fact evidences that a human error was the cause of the collapse.

Figure 4.3: Siemens Arena Roof: (a) fish shape truss; (b) failure of two main beams (Munch-
Andersen & Dietsch, 2009)

The corner joints of the beams were executed with concealed steel plates and embedded dowels

and bolts. Further investigation showed that the cross section of the bottom arch was only 30%

of that required. Design errors were the principal reason for the collapse. For instance, the

strength of timber elements considered was higher due to mistakes on the consideration of the

modification factor kmod. The failure, shown in Figure 4.4a, is justified by the reduction of the

effective timber cross section near the joint. It was proved that during structural calculations

the presence of connectors and steel plates was not taken into account to evaluate the strength

of timber frames. A connection between concrete columns and Glulam elements is shown in

Figure 4.4b, where one can see that the rupture was caused by an extended rotation (Hansson

& Larsen, 2005). The secondary system was not able to redistribute the loads to other main

beams. Indeed, the purlins between the trusses were only moderately fastened resulting in

connections with low strength and stiffness. Due to repetition of elements and analogical

construction process of timber buildings, it is expected that the same mistakes were done along

the structure. In this case the damaged area could increase and cause the whole structure
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collapse if secondary system had more stiffness and strength. Considering that all main beams

had a much lower strength than the required it might be fair to conclude that the extent of the

collapse was not disproportionate to the cause (Munch-Andersen & Dietsch, 2009).

Figure 4.4: Failure of corner connections: : (a) due to tension forces (b) due to increased
rotation (Munch-Andersen & Dietsch, 2009)

Bad Reichenhall Ice-Arena

The Bad Reichenhall Ice-Arena, shown in Figure 4.5, was built between 1971 and 1972 and

consisted of a timber roof structure with a span of, approximately, 75 m. The principal structure

was composed by box-girders with glulam upper and lower members connected through lateral

boards. The girders were made of 16 meters long sections with finger joints. In this structure,

the secondary system was fixed with stiff connections, acting as purlins and lateral bracing.

Thus, in case of main girders’ failure the structure had the ability to redistribute the loads to

adjacent girders.

The structure collapsed without warning on the 2nd of January of 2006, during a period of

significant but not extreme snow load. Several reasons were pointed out for the failure, most

of them associated with human errors. Indeed, the resistance of the glue to moisture was not

appropriate. It was possible to conclude that the thermal radiation between the ice surface

and the roof parts, facing the ice surface, led to cooling and thereby increased condensation

occurrence. Proper maintenance actions would help to detect that glued-lines and finger joints

were significantly damaged. The existence of leaks on roof coating and on drainage system

allowed water penetration. Since these minor repairs were not made, the timber elements were

being increasingly damaged.
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Figure 4.5: Bad Reichenhall Ice-Arena (Munch-Andersen & Dietsch, 2009)

Just like the case of Siemens Arena, some errors in design can also justify the collapse of the

Reichenhall Ice-Arena. There are no records including structural integrity examination during

building maintenance inspections. For instance, the bending strength was considered for tensile

and compression resistance of the glulam elements that compose the top and bottom flanges

of the girders. After the structure collapse some investigations concluded that one part of the

east side girder failed first. Since the cross bracing system was stiff and resistant the load

was transmitted to adjacent girders. Therefore, the load increment on the damaged remaining

girders also caused their failure resulting on a progressive collapse that is presented in Figure

4.6.

Figure 4.6: Collapse of the Bad-Reichenhall Ice-Arena (Munch-Andersen & Dietsch, 2009)
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Discussion

The Division of Structural Engineering of Lund Institute of Technology wrote a report in 2007

(Fruehwald et al., 2007) about how to learn from structural failures in concrete, steel, and timber

structures. The purpose of this study was to quantify sources of errors and to indicate their

relative importance for timber structures collapses. Despite their description being succinct,

it was possible to conclude that most failures have human errors as original cause. It is also

important to point out that the buildings considered were mainly long-span roof structures

supported by concrete structures or consisting in timber portal frames. Another important

feature of the structures involved in this database is their location. Almost all buildings were

placed in central and northern European countries. Thus, the exposures considered do not

contemplate earthquakes. In addition, the timber buildings built in earthquake prone areas

require an higher level of detailing for connections during the design phase and more attention

in the construction phase. This feature can improve considerably the resistance of timber

structures built in seismic regions in comparison with the ones built in other zones where

earthquake are less likely to occur (Branco & Neves, 2011).

The cases of the Siemens Arena and the Bad Reichenhall Ice-Arena reinforce the idea proposed

by Starossek (2006), that alternate load path approach may in certain circumstances not pre-

vent but rather promote collapse progression. They also show that structural failures due to

human errors may trigger a progressive collapse if the secondary system is able to redistribute

loads. The reason is that timber structures (primary and secondary structural systems) are

usually composed of repetitive elements connected by analogical construction principles. This

proceeding implies that a mistake, made during design, planning or construction phase, will

most likely repeat itself in all identical elements (Fruehwald et al., 2007). In Dietsch (2011)

the author defends that for large-span timber roof structures, the primary structure should be

more redundant and the secondary system designed to cause damage compartmentalization.

4.1.2 International projects on structural robustness and timber

buildings

A research network had as main objective the development of a basic framework and for the

efficient and sustainable use of timber as a structural and building material. The COST Action
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E55, “Modeling of the Performance of Timber Structures”, was structured into three working

groups; a) assessment of failures and malfunctions, b) vulnerability of timber structures and c)

robustness of timber structures. Within the scope of the Working Group 3 (Kirkegaard et al.,

2010) was the development of a guideline for assessment and design for robustness of timber

structures.

Despite the analysis focusing mainly in portal frames and large-span timber roofs, it is possi-

ble to conclude, by consulting the guidelines, that compartmentalization is the most efficient

strategy to avoid progressive collapse. Thus, the secondary elements that are included in the

bracing system should be moderately fastened to the primary structure. Nevertheless, this

strategy is not compatible with the seismic recommendations. Thus, it is relevant to study the

effects of seismic design on the robustness of timber structures. Moreover, it is important to

verify a range of ductility and redundancy level that can satisfy either seismic and robustness

requirements. In Branco and Neves (2011), the influence of connections ductility is studied

for a long-span timber roof indicating that seismic provisions ensure an improvement towards

progressive collapse resistance of this type of structures. Within the scope of COST Action

E55, a theoretical framework (Sørensen, 2011) for structural robustness was proposed. This

framework is based on the risk and reliability robustness framework proposed by Baker et al.

(2008). An example of application of the framework proposed in Sørensen (2011) refers to a

sports hall studied in Čizmar et al. (2011). The total area of the sports centre is 5910 m2 and

consists of a plane frame truss equally spaced at 5 m each, as showed in Figure 4.7.

Figure 4.7: Sports hall in Samobor (Čizmar et al., 2011)

The structure was designed following EC5 (CEN, 2005), whereas the stochastic variables of
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glulam members and loads were characterized based on Köhler et al. (2007) and JCSS (2001).

In Čizmar et al. (2011), the robustness assessment was performed at a component level by

studying only one damage scenario at a time. This methodology can provide a preliminary

indication of whether the structure can be considered robust or not. On the other hand,

robustness is considered to be related to the disproportionate spreading of structural failure.

Consequently, a better indication of robustness requires models that represent the propagation

of damage throughout the structure providing an assessment at a system level. Such type of

analyses requires sophisticated models that consider both geometric and material nonlinearities.

In addition, it is crucial to use models that incorporate the behavior of connections when

subjected to long deformations. This feature is even more important in mid-rise and high-rise

timber buildings that are considered a key future development in timber construction. In order

to fill this gap, a three-year project (2017-2020) has been recently funded by the Australian

Research Council (ARC) Industrial Transformation Research Hub on tall timber buildings (Lyu

et al., 2018). This project aims at experimentally and numerically investigate the progressive

collapse of mass timber frame buildings with CLT floors. Preliminary experimental tests were

already performed on a 2D double-span frame (Figure 4.8) to evaluate: (i) overall ductility, (ii)

capacity to develop catenary actions, and (iii) the sole contribution frame systems in resisting

progressive collapse.

Figure 4.8: 2D Frame test setup (Lyu et al., 2018)

Two distinct connections were used and compared in Lyu et al. (2018). The first connection,

shown in Figure 4.9b, consisted of a perforated T-aluminum bracket that has its flange con-

nected to the columns, resulting on a steel-to-timber connection. On the second system, a

double beam solution was used where each beam is connected directly to the columns (see

Figure 4.9b). One row of seven bolts is used at each beam extreme in a timber-to-timber joint
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with two shear planes.

The results indicate that the T-section connectors provided lower rotational capacity hindering

the development of catenary action. In addition, the failure, shown in Figure 4.10, occurred

when the aluminum web reached its shear capacity. The double beam connectors exhibited

rotations that underwent 0.2 rad, which corresponds to the rotation necessary to be achieved

in the Department of Defense (2016) for the beams to carry the tie forces Lyu et al. (2018).

Figure 4.9: Beam to Column: (a) Aluminum alloy T-section perforated bracket (b) Double
beam connected with bolts (Lyu et al., 2018)

Figure 4.10: Distinct failures of connections in a 2D frame test (Lyu et al., 2018)

Recently, Mpidi Bita et al. (2017) confirmed that design against disproportionate collapse is a
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major concern for multi-story CLT buildings. This work was based on dynamic analysis on the

Stadthaus building that accounted for material and geometric nonlinearities. A sudden loss of

the ground floor internal wall scenario was studied. The main conclusions of this work refers

to the lack of rotation capacity of angle brackets and screws in order to develop catenary or

membrane actions as resistance mechanisms to avoid disproportionate collapse. These studies

focused on the progressive collapse modeling of multi-story timber buildings. Nevertheless,

a robustness assessment requires the consideration of uncertainties related to material and

loading.

Following a great interest on timber frame construction for medium rise buildings, in the U.K.,

a feasibility study was commissioned, in 1994, which indicated the need to perform component

and large-scale tests, to properly define codes and regulations. As a result, the Timber Frame

2000 (TF2000) project was initiated. As shown in Figure 4.11, disproportionate collapse tests

were conducted on a six-story timber frame building that was built in BRE Cardington.

Figure 4.11: Disproportionate collapse test (Mettem et al., 1998)

From the data obtained, several improvements were made to robustness design for platform

frame buildings. Design guidelines for horizontal and vertical ties, alternative load-path analy-

sis, and key element approach were performed. From the analysis done during TF2000 project,

it was possible to propose minimum values for nails diameters and distributed tie forces on the

spans. On the other hand, it was also possible to demonstrate which loads to consider for the

design of rim beams, in order to withstand the effect of a notionally removed wall.
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4.1.3 Robustness analyses

Although robustness analysis can be performed through three methods - risk analysis, reliability

analysis, and deterministic analysis (Cavaco et al., 2010)- this chapter will focus on the deter-

ministic methods. Risk analysis is based on the consideration of probabilities and consequences

of structural failures. In this type of analysis, event trees are used to understand the relation-

ship between exposures, damages, failures, and respective consequences. The path starts with

the probability of occurring one of many types of exposures, followed by the quantification of

the probability of damage. The final branches of the tree would concern the consequences asso-

ciated with the different paths (see Figure 4.12). Reliability analysis involves the computation

of the reliability indexes of damaged and intact structures, which are linked to the probability

of failure, via the cumulative standard normal distribution function (Huber et al., 2018). Both

methods are probabilistic approaches to the problem and further information can be consulted

in Baker et al. (2008); Köhler et al. (2007); Sørensen (2011); Čizmar et al. (2011).

Figure 4.12: Decision tree for risk analysis (Baker et al., 2008)

The deterministic analysis is based on the response of the structure to an initial damage or

specific event. The first is scenario-independent and relies on notional damage to assess how the

structure reacts, while the second is scenario-dependent and analyzes specific types of exposures

such as fire, explosions, etc. Focusing more on the scenario-independent approach, the notional

damage is referred as ”hypothetical damage to the structure”, which in most cases corresponds

to the removal of a primary load-bearing element of the structure such as a column (see Figure

4.13). This is implemented by performing an alternative load path analysis (ALPA). With this

analysis, one can evaluate the capacity of the structure to promote alternative load paths, after

notionally removing an element, and to estimate the extent of progressive collapse (Huber et

al., 2018).
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In terms of procedures used in ALPA, one has to choose the adequacy of the methods considering

the suitability of the method, the complexity of the model and of the procedure itself, and the

computational and time costs. There are five types of procedures (Byfield et al., 2014):

� Linear static analysis with dynamic load factors (DLFs);

� Nonlinear static analysis with DLFs;

� Nonlinear static pushover analysis (with simplified dynamic response);

� Linear dynamic analysis;

� Nonlinear dynamic analysis.

Figure 4.13: Removal of a load-bearing column (ARUP, 2011)

Since removal of an element is a sudden event, choosing a static analysis implies the use of

dynamic load factors (DLFs) to take into account the effect of dynamic loads. The DLF affects

the dead and live loads considered in the analysis and it can range from 1 to 2, corresponding

respectively to fire scenarios and sudden column loss in a linear elastic model. The linear static

analysis procedure with DLFs is the easiest to implement of the five procedures, providing

very conservative results, since material properties remain linear elastic and does not include

second-order (P − δ) effects or instabilities. Therefore, it does not take advantage of beneficial

distribution mechanisms (Byfield et al., 2014).
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A nonlinear static analysis with DLFs considers material and geometric nonlinearities, which

enables the formation of load distribution mechanisms such as catenary action, membrane

action, arching action, Vierendeel action, and compression strut action. The first three are

important in timber structures, while the two last mechanisms are more common in concrete

and steel frames, and masonry walls, respectively. As shown in Figure 4.14a, the catenary or

chain action is a tensile mechanism, meaning that it explores the tensile capacity of the beams

or floor to distribute the loads, after the removal of an element below. For deep beams, shear

strength might be the governing capacity in the catenary mechanism. Ductile connections are

essential in the formation of this mechanism, since they have to accommodate some extent of

rotation. Membrane or diaphragm action is similar to the catenary action but acts on a plane

(see Figure 4.14b). The mechanism results from the development of compression ring forces

and tensile membrane forces in the diaphragm, and from the capacity of the connections to

accommodate large rotations. The Arching action shown in Figure 4.14c, as the name indicates,

results from the formation of an arch between two beams or slabs, therefore is a compression

mechanism. The removal of an element below causes rotation at the connections, and when

the upper parts of the floors or beams get in contact, compression forces develop, while they

crush into one another (Huber et al., 2018).

Although is generally accepted to also use the term pushover analysis to describe a nonlinear

static analysis for vertical loads, Ellingwood et al. (2007), cited by Huber et al. (2018) suggests

the term pushdown analysis. This term will be adopted in this thesis.

Izzuddin et al. (2008) developed a procedure based on a nonlinear static pushover, which ac-

counts the dynamic load effects through a simplified dynamic assessment, also known as, energy

balance assessment. The procedure consists of three steps: (i) performance of a nonlinear static

analysis under gravity loading of the damaged structure; (ii) transformation of the nonlinear

static response into the maximum dynamic response by energy balance of the system; and

(iii) ductility assessment of connections (ARUP, 2011). The procedure proposed is less time

consuming and has lower computational cost than a nonlinear dynamic analysis.

Dynamic analysis procedures include the structure’s time history response, therefore accounting

for the dynamic load effects. These analyses can be linear or nonlinear, sharing the same

characteristics already described in the linear and nonlinear static analysis. The nonlinear

dynamic analysis is the most complete procedure and gives the most accurate results, since it is
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able to incorporate all the specificities in terms of material and geometric nonlinearities, as well

as, dynamic inertial loads, damping, and strain rate material effects. In conclusion, simpler

procedures lead to more conservative results, in general, which will promote overdesign of the

structure. On the other hand, more complex procedures require more expertise and might

have higher computational cost, but are more accurate, leading to a more efficient design. In

addition, the choice of analysis procedure is also limited by the type of building, particularly

by material, height, and regularity in plan and elevation.

(a) Catenary action (b) Arching action

(c) Membrane action

Figure 4.14: Load distribution mechanisms, from ARUP (2011); Huber et al. (2018)

4.1.4 Design procedures, codes and regulations for robustness

The design of redundant structures is one of the main recommendations given to avoid dis-

proportionate collapse due to abnormal loads (Ellingwood & Dusenberry, 2005). In order to

increase buildings’ global tolerance to progressive collapse, and therefore improve their struc-

tural robustness, one must incorporate in the design characteristics such as redundancy, ties,

ductility, adequate shear strength, and capacity for resisting load reversals (Ellingwood et al.,
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2007). After the sudden loss of a load-bearing member, the structure undergoes large defor-

mations and load redistribution, which require redundant paths for load transfer, continuity

between vertical and horizontal members, and capacity to deform and rotate without premature

instability. With adequate shear strength, brittle shear failures can be prevented and ductile

failures promoted.

While the indirect method is prescriptive, incorporating in the design characteristics that will

improve overall robustness, the direct method relies on structural analysis such as the ALPA

method to obtain quantitative information regarding building performance (Huber et al., 2018;

Ellingwood et al., 2007; Department of Defense, 2016).

The indirect methods are the first step towards design and are scenario independent. General

design guidelines contemplate continuity, ductility, and structural redundancy as cornerstones

of this approach. Redundancy design methods enable load redistribution and alternative load

paths, preventing extensive damage due to local failures (Huber et al., 2018). These alternative

load paths must be composed by elements and connections with adequate reserve of strength and

ductility (Vogel, 2009), in order to avoid the opposite effect. For timber buildings, robustness

is strongly dependent on the structures capacity to redistribute loads to undamaged parts,

and thus on their ductility and redundancy. The most detailed and applied indirect method

is the tie force (TF) method, indicated for low-risk structures. It ensures that the structural

elements are mechanically tied together, providing continuous load-paths. Tying requirements

contemplate which elements are to be tied and how, being detailing of the connections very

important (ARUP, 2011).

According to Huber et al. (2018), the direct methods include: 1) the alternative path method

(ALPA), which was already described in the analysis methods and requires the structure to be

able to bridge over a missing load bearing element, while ensuring that the damage is localized,

2) the enhanced local resistance (ELR) method, also known as the specific local resistance

(SLR) method or the key element method, which is based on the design of ”key” elements

to have sufficient strength to resist a specific load or threat, and 3) compartmentalization or

segmentation, consists of dividing the structure in compartments that are independently robust.

The ALPA method was already described in section 4.1.3 and its application is proposed in

all of the most relevant guidelines (CEN, 2006; Department of Defense, 2016; GSA, 2013).

The particularities of which elements to remove depend on the buildings’ risk category, being
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recommended when more reliable analyses are required. As referred by Byfield et al. (2014), a

limitation of the ALPA method is associated with the requirement of removing one element at a

time, which does not always agree with reality. For example, in the cases of the Murrah building

in 1995 and the WTC in 2001, presented in section 4.1.1, the initial local damage regarded the

collapse of three columns, and the collapse of several walls and columns, respectively.

The enhanced local resistance method is a scenario-dependent approach, since certain load-

bearing elements are designed to sustain specific loads or to prevent them from failing, making

them ”key” elements. This method is intended for cases when other design methods can not

ensure that a disproportionate response will not take place, therefore used to design elements

that failed the ALPA method acceptance criteria. A limitation of this method is related to the

possibility of failure of a key element, which will most probably lead to a sudden decrease in

performance of the structure, leading to disproportionate collapse (ARUP, 2011).

The compartmentalization or segmentation method is described by Ellingwood et al. (2007) and

intends to avoid horizontal damage propagation, by isolating parts of the structure. This can

be achieved by strengthening the compartment boundaries and decreasing continuity, reducing

load transfer to other parts of the structure. Compartmentalized design is more effective in large

and low-rise buildings, and for certain building components, such as long cantilever balconies.

For tall buildings, the concept of compartmentalization is materialized in ”strong floors” capable

of sustaining the additional load caused by falling debris and add stability to the structure.

This concept was used in the design of the Treet building, in Bergen, Norway (see chapter 1).

The existing codes and regulations for robustness recommend different design methods to dis-

tinct typologies of buildings, depending on their risk category (Department of Defense, 2016) or

consequence class (CEN, 2006). The risk categories or consequence classes are defined according

to the level of occupancy, size, and function or importance.

The US UFC 4-023-03 (Department of Defense, 2016) establishes four risk categories (RC) for

robustness, from I to IV, dependent on other type of risk categories defined in the UFC 3-301-

01 (Department of Defense, 2016), which divide buildings according to function, importance,

and occupancy. Each category has different robustness design requirements, based on the

following admissible design methods: tie force, ALPA, and ELR. Category I refers to low

occupancy buildings such as agriculture facilities, which does not require specific robustness

design. Category II includes high occupancy family housing and inhabited buildings with less
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than 50 personnel. This category has two options of design. A first one that suggests providing

vertical and horizontal ties to the entire structure and enhance local resistance of the corner

and closest columns or walls to the corner at the first story, and a second option regarding

the implementation of ALPA where columns or walls are removed one at a time at specific

locations. Buildings in category III represent a substantial hazard to human life or represent

significant economic loss in the event of failure (e.g. elementary schools, secondary schools,

or daycare facilities with an occupant load greater than 250). Consequently, they require the

fulfillment of the acceptance criteria for the ALPA and ELR methods. The latter should be

applied to all first story perimeter columns and walls. In category IV, the included structures are

considered as essential facilities as power-generating stations, hospitals, fire, rescue, and police

stations, and emergency vehicle garages. Besides the requirements of category III (ALPA

plus ELR), ties should also be provided. Buildings included in category V, independently

of the number of floors, shall be designed with the ALPA method. The US UFC 4-023-03

(Department of Defense, 2016) determines that structural members are acceptable as ties, if

they can carry longitudinal, transverse or peripheral tie forces while being capable of rotating

0.20 rad (11.3 degrees). The design for tie forces follows the Load and Resistance Factor Design

(LRFD) approach together with requirements and material specific over-strength factors found

in ASCE/SEI 41-13 (ASCE, 2014). Requirements for wood can be found in chapter 12 of

the latter code. Vertical ties should be straight from top to bottom, but are not required to

extend to the foundations. For implementation of the ALPA method, different column or wall

removal locations are considered depending on the risk category. In regard to external walls

and columns, for RC II-option 1, the vertical elements that can not carry tie forces, should

be removed one at a time, while for RC II-option 2, III, and IV, the minimum requirement

includes removal of external columns and walls near the middle of the short side, near the

middle of the long side, and at the corner of the building. For RC II-option 2, III, and IV,

or internal columns and walls near the ”middle of the short side, near the middle of the long

side and at the corner of the uncontrolled space” should be removed. Additional locations

are recommended and there is also room for engineering reasoning in choosing the elements to

remove. Recommendations for modeling, acceptance criteria, loading, and other parameters are

defined for the three accepted analysis procedures: linear static, nonlinear static, and nonlinear

dynamic. All three types of analyses should rely on three dimensional models, clearly expressing

that two dimensional models are incapable of characterizing the damage structure. Design also
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follows a LFRD approach adapted from ASCE (2010), with the analysis procedures being

adapted from the ASCE/SEI 41-13 (ASCE, 2014). Structural elements should be classified as

primary or secondary, being the inclusion of secondary elements not necessary for the linear

static analysis, and optional for the other two procedures. All component actions have to be

classified as force-controlled or deformation-controlled, which will dictate how the acceptance

criteria are defined among other parameters. For the ELR method, the clear design objective

defined by the US UFC 4-023-03 (Department of Defense, 2016) is that the column or wall must

not fail by shear before reaching the maximum flexural strength, promoting a ductile failure

mode of the key element. For the design, the LFRD approach is used, where the required shear

strength of the column or wall has to be equal or higher than the required nominal flexural

strength affected by strength reduction factors (in this case 1).

The European Eurocode 1-7 (CEN, 2006) proposes three consequence classes (CC) according

to building categories. These categories are effectively four (1, 2a, 2b, and 3) and to each

one of them corresponds a different design approach (DA), from 1 to 4. These approaches

depend on the identification of the hazard event type, if it is specified or not. Buildings for

single occupancy up to 4-stories, for agricultural purposes and where risk to human life is small

or negligible fit into CC1. If they were designed in agreement with EN 1990 to EN 1999,

these structures do not need specific robustness design considerations regarding unspecified or

specified events (only if the complete collapse of the structure may be acceptable), as prescribed

by design approach DA-1.

CC2a concerns buildings with more intensive use and height as single occupancy buildings up

to 5-stories, hotels, residential, and offices’ buildings up to 4-stories, being considered a lower

risk group. For this class, DA-2 approach is recommended, which requires the verification of the

design condition for CC1 and the use of structural effective horizontal ties or effective anchorage

of suspended floors to walls for framed and load-bearing wall construction.

For CC2b buildings, which comprehends most buildings with a significant occupancy between

three or four stories to fifteen storeys, horizontal ties must be provided for framed and load-

bearing wall buildings. Furthermore, all supporting columns and walls should have vertical

ties ensuring stability. Alternatively to the ties, the DA-3 design approach also states that

the stability of the buildings can be checked for a load case that consists on the notional

removal of each supporting column and beam supporting a column, or any nominal section of
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load-bearing walls (ALPA method). When a specific element removal results in damage greater

than a certain acceptable limit, such an element should be designed as a key element. The limit

of admissible local failure may be different for each type of building. The recommended value

is 15% of damaged area, or 100 m2, whichever is smaller, in each of two adjacent stories. Figure

4.15 represents the admissible damaged area. The key element should be capable of sustaining

an accidental design load of 34 kN/m2 in horizontal and vertical directions (in one direction at

a time). This value was obtained from the estimation of the over-pressure resulting from the

Ronan Point gas explosion, previously described in section 4.1.4. The safety of these members

and any attached components must be evaluated with regard to the ultimate strength capacity.

Nevertheless, this load value (34 kN/m2) proposed by CEN (2006) is extremely onerous for

timber structures. The Timber Research and Development Association (TRADA) and the UK

Timber Frame Association (TFA) suggest that multi-story timber buildings should be designed

to avoid disproportionate collapse through the application of adequate ties to resist a notional

horizontal force of 7.5 kN/m applied on the notionally removed wall (Harris, 2007).

At last, for buildings belonging to CC3 (all buildings that do not fit any of the previous cate-

gories) a systematic risk assessment should be undertaken taking into account both foreseeable

and unforeseeable hazards (DA-4 approach), which consists of three steps: (i) assessment of the

probability of occurrence of different types of hazards and respective intensities; (ii) assessment

of the probability of different damage states to the structure and corresponding consequences

from different hazards; and (iii) assessment of the probability of deficient responses of the

damaged structure with their respective consequences.

(A)

(B)

(b)

Figure 4.15: Recommended limit of admissible damage: (a) Plan View; (b) Elevation;
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The design requirements to resist progressive collapse are covered in other international specifi-

cations with different degrees of details. In Australia, the National Construction Code (ABCB,

2015) only states that the structure should remain stable, being able to survive the removal

of one isolated load bearing element and that the collapse should not extend further from the

original local failure. Another guidance could be found in AS1170.0 (AS/NZS 1170.0, 2002)

which provides the general requirements for structural robustness. All parts of the structure

should be tied in both horizontal and vertical directions, which allows the structure to with-

stand an abnormal event without collapsing. Requirements for the tie forces are given in the

standard.

4.2 Objectives

The main objective of the present chapter is to evaluate the progressive collapse of heavy-

timber structures by considering material and loading variability. The evaluation involves the

application of alternative load path method that has been widely applied to steel (Khandelwal et

al., 2009; Khandelwal & El-Tawil, 2011) and concrete structures (Helmy et al., 2012). Distinct

damage scenarios are considered and the structural responses due to elements loss are evaluated

through a large number of nonlinear static analyses (nonlinear uniform pushdown analysis).

Consequently, the finite element models account for the post-yielding behavior of connections.

Moreover, the nonlinear models account for elements separation due to brittle failure in timber

members and connections. Fragility curves are constructed to address the robustness of timber

structures built with different diaphragms.

4.3 Methodology

The two three-story buildings used as case studies have the same lateral resisting systems,

which are composed by moment-resisting timber frames, previously analyzed in Chapter 3

with 2D models, and braced timber frames. The difference between those structures relies

on the diaphragm typologies used in each building. The floors of the first structure were

built with a light weight solution with OSB panels fastened to GLT joists. A floor composed

by CLT panels was applied on the second structure, being the shear transfer between panels
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guaranteed by half-lap joints. Both structures were designed using a modal response spectrum

analysis, following EC8 (CEN, 2013b) and EC5 (CEN, 2005), for a site location in Lisbon.

Members and connection sizes were determined to verify the requirements for a DCH structure

according to EC8. The seismic design provisions followed may lead to an enhanced redundancy,

which is deemed adequate to limit the extend of damage due to a localized failure. The

robustness assessment presented in this chapter aims to verify if the buildings are able to avoid

disproportionate collapse after the notional removal of distinct supporting elements.

The 3D finite element model was built in the Opensees platform, where the first task involved

fitting constitutive models to experimental results available in literature. Distinct models were

used depending on each connection type. The Pinching4 constitutive model was used for

moment-resisting joints representation, as well as, for joints executed with concealed steel plates.

Alternatively, simple linear models were used for shear and withdrawal of connections executed

with self-tapping screws.

The progressive collapse assessment is based on the application of the ALPA method, which

is a design approach that shall be conducted for buildings comprised in consequence class 2b

(CC2b) of European Eurocode 1-7 (CEN, 2006). The nonlinear static analyses are displacement

controlled (pushdown analyses), using meso-level connection models. This type of numerical

analysis was already applied for robustness assessment of steel structures (J. Park & Kim,

2010). Each analysis starts with the notional removal of a column and consecutive displacement

increments of 0.001 m are applied, according with the gravitational loads applied at each story

level. The control node is positioned at the beam’s end, adjacent to the removed column. It is

worth nothing that between two consecutive pushdown steps, a stability analysis is performed

at local and global levels. The local assessment is related with failure of timber members

and connections, while global assessment refers to the equilibrium of the structure. When a

connection fails due to excessive force, the respective zero-length element is removed. On the

other hand, a connection that has experienced an excessive applied moment is substituted by

a linear elastic zero-length element with zero stiffness (hinged connection). Finally, if a timber

member fails due to axial force, shear or bending, a new node is created and the correspondent

member is segmented in that particular location.

Although the structure was designed according to the Eurocodes, for the application of the

ALPA method the U.S. standard US UFC 4-023-03 was used. This choice was based on the
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fact that the latter code (Department of Defense, 2016) is more comprehensive and detailed

than Eurocode 1-7 (CEN, 2006), which is currently under revision. The US code recommends 20

percent higher load factor than the European Eurocode 1-7 (1.2 instead if 1.0) for the dead load

contribution, making it the results more conservative. Hence, the load combination assumed

for the alternative path method is given in the format:

G = Ω [1.2DL+ 0.5LL] (4.2)

where DL is the dead load, LL is the live load and Ω is a dynamic amplification factor. In

this work, the nominal gravitational loads are calculated assuming Ω = 1. From the pushdown

analysis, an overload factor OF is calculated by the ratio between the load that a damaged

structure is able to sustain GR and the nominal gravity loads Gn.

OverloadFactor(OF ) =
GR

Gn

(4.3)

The overload factor can be compared with the dynamic load factor proposed for wood con-

structions, which is equal to 2.0 (ARUP, 2011). Consequently, for structural models with an

overload factor greater than 2.0, one can assume that seismic design provisions allow to fulfill

the requirements for the robustness design according to the alternative load path method.

Considering the designed structure, all numerical analyses account for uncertainties in the

member mechanical properties and material parameters that influence the strength and stiff-

ness of the connections (e.g. yielding forces and elastic stiffness). It is worth noting that in

this chapter the spatial variability is included exclusively to the connections’ properties, given

their preponderance over the remaining variables. In case of an unpredictable local damage,

the rotational capacity of connections between floors and the main beams is crucial to allow

large deformations without rupture. However, there is a lack of unified models for rotational

response of the connections executed with self-taping screws used in the structure under study.

The rotational models proposed are based on basic mechanical principles and may represent a

source of uncertainty, which is taken into account by introducing variability to elastic rotational

stiffness and ultimate joint rotation.
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The Latin Hypercube Sampling (LHS) was used in this study to generate a set of 1000 structural

models, for both buildings, in which each model corresponds to a realization of the random

variables assumed. The total number of pushdown analyses developed corresponds to the

product of the number of models (NSim = 1000) in each structural set (NSet = 2) and the

number of element loss scenarios considered (NEle = 4). Consequently, the progressive collapse

assessment presented in this work implies the performance of 8000 nonlinear static pushdown

analysis.

Fragility functions were defined for different damage state levels by fitting a lognormal distri-

bution to the values of the overload factor that caused the exceeding of predefined demand

threshold values. These damage state levels were based on the rotational capacity of floor-

to-beams connections and on the extent of the damaged area. The first failure state (FF) is

reached when any floor-to-beam connection exceeds their moment capacity. In turn, collapse

prevention (CP) limit state is exceeded when the damage is extended to an adjacent bay. This

is evaluated by verifying the safety of moment-resisting connections and glulam members.

4.4 Case study: a three-story heavy-timber frame build-

ing

The structure under analysis is a residential three-story building with three 3-m high stories.

The design considered serviceability limit states and ultimate limit states from EC5 (CEN,

2005) and EC8 (CEN, 2013b). The governing loading for the connections design was the seismic

action. On the other hand, members sizing was determined to guarantee an appropriate stiffness

that ensure the fulfillment of the serviceability limit states in terms of long-term deformations

and floor vibrations.

4.4.1 Lateral resisting systems

The frame elements used in the lateral resisting systems are made of GL24h that correspond to

glued laminated timber defined per EN14080: 2013 (CEN, 2013a), with characteristic bending

strength equal to 24 MPa and a mean value of modulus of elasticity of 11.5 GPa. The major
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length of the building is aligned with the X-direction and consists of a moment-resisting frame

as presented in Figure 4.16a. The moment-resisting frame structure has continuous 13.2 m long

beams with a cross-section of 160 by 600 mm. The columns consist of two posts each with a

rectangular cross-section of 160 by 600 mm. The connections between columns and beams are

executed with ring-doweled joints with two layers of connectors. As presented in Figure 4.17a,

the first layer of connectors is composed by 10 dowels located 165 mm from the center, and the

second layer by 16 dowels located at a radius of 240 mm. All dowels are from strength class

4.6 with a diameter of 12 mm. At the foundation level, the column shoes consist on pinned

connections executed with welded steel plates and φ50 stainless steel dowels. The column shoe

presented in Figures 4.17a and 4.17b, consist of a hinged connection with a low rotational

stiffness.

3.0 m

3.0 m

3.0 m

0.6 m 6.0 m 6.0 m 0.6 m

z

x

(a) Moment-resisting frame: elevation
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z

y

(b) Braced timber frame: elevation

Figure 4.16: Lateral resisting systems
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Figure 4.17: Moment-Resisting Frame: (a) ring doweled joint-elevation; (b) ring doweled joint-
section; (c) shoe for columns-elevation; (d) shoe for MRF columns - elevation

On the perpendicular direction, the lateral resisting system makes use of GLT members inter-

connected through concealed steel plates and bolts. As presented in Figure 4.16b, continuous

beams with a cross-section of 200 by 360 mm span over two 4-m long bays. The columns have
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the same cross sections as the beams and their base shoes are built with slotted in steel plates

that are welded to a pinned support as shown in Figure 4.18. The diagonals have a cross-section

of 140 by 240 mm. Their end connections are executed with lateral steel plates and 4.6 steel

grade bolts with diameter equal to 12mm. These plates are welded to a support that is con-

nected to the concealed plates through a φ40 stainless steel dowel. These connections details

are presented in Figure 4.19. In order to guarantee a connection between the two different

lateral systems, a bearing plate is connected to the beams and columns of the braced-frame

system, as presented in Figure 4.20. A single M12 bolt is used to connect the beams oriented

perpendicularly to the concealed steel plate. This connection allows rotation in the plan of the

moment-resisting frame.

M4.6 bolts

d= 12mm 100

�40

Dowel Pin

Steel
t = 19 mm

(a) front view
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300
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Figure 4.18: Column shoe from braced frame system
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Figure 4.19: Braced timber frame: (a) connections between diagonals and other frames; (b)
diagonal cross-section; (c) connections between diagonals and other frames

118



(a) X-Z Plane
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Figure 4.20: Connections between moment-resisting frames and braced frame system

4.4.2 CLT floor diaphragm

The CLT solution used for the floor is built with 5-ply panels (nominally 140.0 mm thick) with

the major strength along the Y-direction of the building. The panels are manufactured with

lumber from strength class C24 according to EN 338: 2016 (CEN, 2016). Due to construction

constrains, related with the continuity of columns, the panels adjacent to the braced frames

span over only one bay, having a 4 m free span, while the others are continuous over two spans

as showed in the plan view presented in Figure 4.21.

Figure 4.21: CLT diaphragm - plan view

The connection between CLT panels and beams is executed with ASSY plus VG 8 x 260 mm
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that are fully threaded self-taping screws with a head diameter (dh) of 22 mm. Figure 4.22a

presents a construction detail from a beam edge, next to a column. Given the interruption

of the connection between CLT and beams, caused by the columns position, the ASSY plus

VG screw used to fix the panels placed at the corners of the diaphragm are spaced 150 mm on

center. The remaining panels are fixed with screws spaced 200 mm on center. These fasteners

were designed to allow the transfer of inertial loads from the diaphragm to the seismic lateral

resisting systems. A support block made of solid wood was used to guarantee a sufficient bearing

length for interrupted CLT panels placed at diaphragms edges, as presented in Figure 4.22c.

Figure 4.22: Construction details for overlap connections between CLT and glulam beams

The shear transfer between adjacent CLT panels is guaranteed through half-lap joints with

100 mm wide laps. The connection is executed with ASSY 3.0 ecofast 8x120 mm spaced 100 mm

on center, as presented in Figure 4.22b. The diaphragm moments are resisted by tension chords

that consist of S235 structural steel plates (6.35 mm x 50.8 mm x 1500 mm), that meet the

requirements of standard EN 10025: 2004 (CEN, 2004a). These plates are fastened to the CLT

panels with Simpson Strong Tie 6.4 x 90 HEAVY-DUTY connectors spaced 60 mm on center,

as shown in Figure 4.23.

100

140

Simpson  HEAVY-DUTY 6.4 x 90

(a)

Figure 4.23: CLT diaphragm - chord splices
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4.4.3 Light-weight diaphragm

The diaphragm studied in this work consists of a low weight solution composed by GLT joists

and OSB panels, as shown in the plan view presented in Figure 4.24. The top layer of the floor

is parquet that is placed over a leveling 20 mm thick layer of mortar, followed by 18 mm thick

OSB panels fixed to the GL24h joists with a cross-section of 120 by 200 mm. The fasteners

used to fix the panels to the GLT members are the S10SND5E (2.8 x 60) stainless steel ring

shank nails produced by Simpson Strong-Tie. The nails are spaced 100 mm on center at the

panels edges, and spaced 250 mm for inner connections over joist. In order to transfer shear

loads from the diaphragm to GLT members of the lateral resisting system, the nails are also

spaced 100mm on center at those connection, as shown in Figure 4.25a.

Figure 4.24: OSB diaphragm - plan view

In order to ensure an adequate shear strength for the connections between joists and beams,

those joints are made with two WT-T-8,2x190 carbon steel screws fastened at 45 degrees,

which results on a concealed connection presented in Figures 4.25b-4.25e. A solid timber block

is fastened to the GLT beams, in order to restrain out-of-plan rotation and torsional rotations

of joists ends.
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Figure 4.25: Connections between OSB diaphragm and the lateral resisting systems

4.5 Finite element modeling and analysis

The beams and columns were modeled using linear elastic frame elements, while the CLT and

OSB panels were modeled with elastic orthotropic ShellMITC4 four node elements (Dvorkin

& Bathe, 1984). Geometric nonlinearities were incorporated in the form of P − ∆ effects

for columns and corotational transformation for beams. The connections were represented by

zero-length elements that account for their nonlinear behavior. Force-deformation relationships

were incorporated considering experimental results available in the literature. The modeling

strategy adopted for the diaphragm is based on the work presented in Chapter 2, while the

representation of ring-doweled connections is based on the method presented in Chapter 3.

Figure 4.26 presents an overview of the numerical model developed in Opensees framework.

(a) OSB Diaphragms (b) CLT Diaphragms

Figure 4.26: Finite element model
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The Newton–Raphson method is used to solve the nonlinear algebraic system of equations.

The tolerance adopted is 10−8 on the inner product of the unbalanced load and displacement

increments at each iteration. In addition, the Umfpack package was used to construct a sparse

system of equations given the number of degrees of freedom considered in the numerical model.

4.5.1 Numerical modeling of members and connections

Progressive collapse assessment of timber structures requires sophisticated finite element models

that are able to predict large displacements. In order to achieve reliable results with the

application of the alternative load path method, it is important to incorporate constitutive force-

deformation models for connections based on experimental results that give special emphasis on

the post-yielding response. This task involves a literature review to collect experimental data

from monotonic and cyclic tests developed for connections that are similar to those executed

in the prototype building under study. Despite using nonlinear static pushdown analysis to

perform ALPA, the envelope curves used to represent the connections are preferably based on

fully reversal cyclic tests. When a bearing element is suddenly removed, a nonlinear dynamic

response is triggered. Consequently, it is preferable to seek for cyclic tests rather than monotonic

that may also provide nonconservative values for properties as yielding strength, initial stiffness,

and ductility. The calibration procedures made use of a single-degree-of-freedom model that

was implemented in Opensees. The parameters of the Pinching4 model, already described in

chapter 3, were determined in order to reach an accurate approximation between experimental

and numerical results in terms of strength degradation and dissipated energy. However, there

are connections schemes that were only tested through monotonic tests, in these cases attention

is paid only to fit the parameters of an envelope curve (see Figure 4.27) to the experimental

results. In addition, some joint configurations have specificities that can be modeled either

by other numerical formulations with different uniaxial materials (Mazzoni et al., 2006) or

by properly assuming constraints between distinct nodes through the EqualDOF command

available in Opensees framework.
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Figure 4.27: Envelope Curve for Pinching4 model

Dowel-type connections with concealed plates

The connection between columns and beams from the braced frame system make use of slotted-

in 8 mm thick steel plates fastened to glulam elements through M12 threaded bolts from 8.8

steel grade, as shown in Figure 4.19. Despite the absence of cyclic tests developed in this

particular connection, several monotonic tests have been carried out in order to assess the

adequacy of EC5 (CEN, 2005) design values for strength and stiffness properties. In addition,

these studies provided good references to validate numerical simulations for steel-to-timber

connections executed with concealed steel plates or side steel plates (Quenneville & Mohammad,

2000; Dorn et al., 2013; Zarnani & Quenneville, 2014; Y. Zhang et al., 2016). From the tests

performed in Dorn et al. (2013) it is possible to verify a standardized response of single dowel-

type connection to uniaxial tension tests. This type of response is characterized by distinct

loading phases that can be identified in Figure 4.28a. In addition, the length of each load phase

is related to timber and dowels geometric and mechanical properties (Dorn et al., 2013; Y. Zhang

et al., 2016). In the scope of this thesis, the experimental results used to adjust envelope curves

for Pinching4 numerical model were performed in Dorn et al. (2013) and resulted from uniaxial

tension tests on single dowel steel-to-timber connections loaded parallel to the grain direction,

as showed in Figure 4.28b.

The calibration of an envelope curve is commonly done by fitting the numerical response to the

first loading phase, decrease of stiffness phase and loading plateau. First loading phase (i) is

used to define the elastic stiffness through a linear fitting to the results. A decrease of stiffness

(ii) occurs gradually by reaching the compression strength in part of the wood matrix and the

growth of plastic deformation of dowels. The loading plateau (iii) is more evident for specimens

with lower density. This three phases can be identified in Figure 4.29 where the experimental
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Figure 4.28: Steel-to-timber joints with center plate (Dorn et al., 2013): (a) typical single-dowel
response; (b) connection scheme

results are presented. The wood specimens used in these tests were made of Norway spruce

having a cross-section of 72 x 200 mm2 with a 10 mm slot at the center where a 8 mm thick

S 355 steel plate was inserted. The 12 mm diameter dowels used were sanded to increase their

roughness. In addition, tensile tests performed on dowels revealed a mean ultimate strength

equal to 708 N/mm2.
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Figure 4.29: Experimental results for steel-to-timber joints with center plate (Dorn et al., 2013)

Linear branches with distinct slopes were adjusted and allowed to define different points for

the response envelope, as presented in Figure 4.28b. The load-carrying capacity, highlighted

in Figure 4.29, was calculated according to EC5 (CEN, 2005) formulae for symmetric dowel

connections
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Fv,Rk = min


fh,1,k · t1 · d (f)

fh,1,k · t1 · d
[√

2 +
4·My,Rk

fh,1,k·t21·d
− 1
]

(g)

2.3
√
My,Rk · fh,1,k · d (h)

(4.4)

where Fv,Rk is the characteristic load-carrying capacity per shear plane (in N).

Three distinct failure modes are considered for this connection scheme. The mode (f) occurs

frequently in connections with low slenderness and consist in splitting failure due to embedment

of timber and low dowel’s deformation. Failure mode (g) is associated to a central plastic hinge

in the dowel combined with plastic deformations in wood (intermediate slenderness). The

third failure mode (h) is characterized by a central plastic hinge and secondary plastic hinges

inside wood layers. In equation (4.4), the characteristic embedment strength along the grain

direction fh,1,k = 0.082(1 − 0.01 d)ρk is given in N/mm2 with d in mm and ρk in kg/m3, the

characteristic plastic moment of the dowel My,Rk = 0.3 fu,k d
2.6 is given in Nmm with dowel’s

ultimate tensile strength given in N/mm2. For the mechanical properties of the materials used

in the tests, presented in Figure 4.29, the failure mode (g) was the one predicted by equation

(4.4) with a load value of 32.5 kN. It is worth noting that EC5 (CEN, 2005) does not provide

any restriction on the maximum allowable displacements. A yield displacement prediction can

only be done by determining the connection’s stiffness through the slip modulus (per shear

plane) kser = ρ1.5
m d/23. A initial stiffness equal to 18.2 kN/mm was determined considering a

measured density of 424 kg/m3. It is worth noting that the connection studied has two shear

planes and EC5 (CEN, 2005) suggests that the slip modulus of steel-to-timber connections

shall be multiplied by 2.0. However, this prediction does not consider member’s thickness nor

the roughness of dowel, which can influence the response in terms of strength and stiffness as

demonstrated in Dorn et al. (2013) and Y. Zhang et al. (2016).

As presented in the previous chapters, the mechanical properties calculated by code formulae

present important deviations from the values observed through testing. Figure 4.29 presents

the difference between the load-carrying capacity calculated using EC5 (CEN, 2005) and the

results obtained. These differences can be evaluated in Table 4.1, where the elastic stiffness

obtained in both tests are also compared with the value provided by the code.

The Pinching4 envelope curve that can be used to represent the test results is determined with

the mean values of forces (I-III ) and stiffness (i-iii). However, the connections used at the
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Table 4.1: Strength and stiffness comparison between monotonic tests (Dorn et al., 2013) and
EC5 calculations for steel-to-timber connections with a single dowel

Test 01 Test 02

Fi [kN] Ki [kN/mm] Fi [kN] Ki [kN/mm]
I 28.7 (-11.7%) i 30.24 (66.2%) I 25.3 (-22.2%) i 23.0 (26.4%)
II 39.0 (20.0%) ii 4.92 II 35.1 (8.1%) ii 4.80
III 41.0 (26.2%) iii 0.31 III 36.9 (13.4%) iii 0.30
KEC5 = 18.2 kN/mm
Fv,R,EC5 = 32.5 kN

three story building under study make use of multiple bolts. According to EC5 (CEN, 2005),

the effective number of fasteners in a row is dependent on the type of fastener and the direction

of loading relative to the grain. The reduction in row capacity parallel to the grain for bolts is

given by:

nef = min

{
n, n0.9 4

√
a1

13d

}
(4.5)

where nef is the effective number of bolts or dowels in a row parallel to the grain, a1 is the bolt

spacing in the grain direction, d is the diameter of the bolt, and n is the number of bolts in the

row.

Considering a 100 mm spacing between fasteners at the same row, as shown in Figure 4.30a, the

effectiveness of bolts is 83.4%. For loading perpendicular to the grain there is no reduction on

the load-carrying capacity. When bolts are loaded due to moments the force makes a 45 degree

angle to the grain direction. Given the connection’s configuration, it is possible to consider

that for moment-resistance the bolts are aligned in a row. However, the embedment strength

is reduced for directions that differ from the grain direction, as presented in equation (3.12),

which has direct impact on the load-carrying capacity of the connection. In this work, the forces

per fasteners are multiplied by the factor c = Fv,Rk,0/Fv,Rk,α, where Fv,Rk,0 is the load-carrying

capacity for the grain direction and Fv,Rk,α is the load-carrying capacity for a direction at an

angle α. Considering this feature, the load-carrying capacity perpendicular to the grain is 70%

of the one determined in the mean values of the test, while the capacity in a direction at 45o is

81.5%. The envelope curves per bolt are shown in Figure 4.30b.

The translational behavior of the connection can be modeled by just multiplying the envelope
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Figure 4.30: Multiple bolts connection at braced frame system: (a) OpenSees model for joint;
(b) Pinching4 envelope curves for single bolts with center plate

forces by the number of fasteners (n=4), as presented in Figure 4.31a. In order to determine

the envelope curve for moment-rotation relationship, one can consider that for a small angle of

rotation, the fastener slip can be expressed by

s = r tan(θ) ∼= rθ (4.6)

where r is the distance of the fastener to the rotation center of the group of fasteners and is

assumed to be unchanged during rotation. In turn, s is the slip of the fastener and θ is the

rotation angle. On the other hand, the moment of a multiple-bolted joint can be determined

from equilibrium as given by equation (3.9) for ring-doweled connections. Thus, the moment-

rotation (M − θ) pairs which define the envelope curve are presented in Figure 4.31b. The

values used to define the envelope curves for Pinching4 model are presented in Table 4.2.

Table 4.2: Envelope curve parameters to define the response of multiple bolted connections

Direction Y Direction Z Direction X
Envelope curve Envelope curve Envelope curve

Point Fi [kN] di [mm] Point Fi [kN] di [mm] Point Mi [kN.m] θi [rad]
I 75.6 1.01 I 90.1 1.01 I 6.22 0.014
II 103.8 3.09 II 123.7 3.09 II 8.54 0.044
III 109.0 9.18 III 129.9 9.18 III 8.97 0.130
IV 15.1 11.21 IV 18.1 11.21 IV 1.25 0.159

The nodes (A) and (B), presented in Figure 4.30a, were forced to have the same displacements

in X-direction as well as the same rotations along Y and Z directions. These conditions are

enforced by using the equalDOF command included in Opensees.
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Figure 4.31: Pinching4 envelope curves for multiple bolted connection: (a) Force-displacement;
(b) Moment-rotation

Steel-to-timber joints with side steel plates

The braced frame connections used in the present work were executed using 12 mm thick side

steel plates. The glulam members are 140 mm thick while the fasteners used are M12 bolts

from 4.6 steel grade. Regarding experimental tests that involved monotonic and cyclic tests

of this type of connections, the most extensive and relevant work found was developed in

Popovski (2000). The results obtained from fully reversal cyclic tests on riveted and bolted

connections are also presented in Popovski et al. (2002). The experimental results used to

calibrate Pinching4 model refer to a connection executed with six 12.7 mm diameter bolts that

showed an average ultimate tension stress of 497 MPa. The glulam members used to study

the connections had a cross section of 130 by 304 mm2 and a average wood density of 403.8

kg/m3. The same calibration approach described for joist-to-beam connections was used to fit

a numerical model for steel-to-timber connections (see Figure 4.32).

Despite some discrepancies between the materials used in this thesis and the ones used in

Popovski (2000), the parameters obtained from the calibration process can be directly applied

to the median envelope curve that is used in the pushdown analyzes of the ALPA proposed. The

Pinching4 parameters that resulted from fitting the numerical model to the experimental results

can be consulted in Table 4.3. The parameters used to account for pinching are rDisp = 0.60 ,

rForce = 0.25, and uForce = 0.05.

To properly model the connections between diagonals and columns it was necessary to consider

them as pinned. This is guaranteed by assigning a very low stiffness (0.001 kN.m/rad) to the
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zero-length element rotational stiffness along X-direction. On the other hand, all the joints from

A to E (see Figure 4.33) are constrained to have the same rotations along Y and Z directions

as well as the translations along X direction. The zero-length element that represents the

side-plates connections are oriented along the longitudinal axis of the diagonal members. The

properties of the zero-length element along its longitudinal direction are presented in Table 4.3.

Despite being considered a truss member, it is necessary to include the transversal behavior for

the zero-length elements. Thus, the approach followed for bolted connections is also applied

here by multiplying the envelope forces by 0.70 to account for the lower embedment strength

capacity at the perpendicular direction to the grain.
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Figure 4.32: Steel-to-timber joints with side plates: (a) experimental tests and numerical re-
sults; (b) energy dissipated: test versus numerical results

360

Figure 4.33: Numerical modeling of connections within the braced framed system
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Table 4.3: Parameters used to define Pinching4 model to represent steel-to-timber joints

Cyclic Cyclic
backbone curve degradation

Point Fi [kN] di [mm] Parameter δdi δfi δki
I 141.6 2.0 α1 0.05 0.05 0.05
II 212.4 4.0 α2 0.01 0.1 0.1
III 229.4 6.2 α3 1.0 1.0 1.0
IV 28.3 11.2 α4 0.1 0.1 0.1

Half-lap joints with screws at 90 degrees connections

The shear transfer between adjacent CLT panels is guaranteed through half-lap joints made

with the stainless steel ASSY 3.0 ECOFAST 8x120 screws placed at 90 degrees every 100 mm.

A similar half-lap joint, presented in Figure 4.34, was subjected to cyclic tests in Closen (2017).

The main differences between the half-lap joint used in the structure and the ones tested relies

on the screws length and on the spacing between them. The fasteners used in Closen (2017) are

the ASSY 3.0 ECOFAST 8x90 spaced 64 mm on center. These difference can be considered by

adjusting the results according to the effective number of fasteners in a row, given by equation

(4.5) and by evaluating the influence of members thickness on the governing failure mode.

The experimental results are presented in Figure 4.35(a), as well as, the ones obtained with

a calibrated numerical model. These results correspond to the force-displacement response

of a singular screw. Table 4.4 presents the values used to define the envelope curve and the

parameters referent to cyclic degradation. In addition, the parameters used to account for

pinching are rDisp = 0.50 , rForce = 0.05, and uForce = 0.05.

Table 4.4: Parameters used to define Pinching4 model to half-lap joints experimental tests
(Closen, 2017)

Cyclic Cyclic
backbone curve degradation

Point Fi [kN] di [mm] Parameter δdi δfi δki
I 1.80 1.0 α1 0.1 0.1 0.1
II 4.32 9.0 α2 0.1 0.1 0.1
III 6.12 27.5 α3 2.0 2.0 1.0
IV 0.36 41.5 α4 0.1 0.1 0.5

The envelope curve presented in Table 4.4 can be adjusted in order to consider the effective

number of fasteners of the half-lap joints included in the structural models used for the push-
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down analyses performed in this work. In Closen (2017), eight screws were used for a 450 mm

length connection corresponding to 5.76 (71.9%) effective fasteners. If one considers the same

connection with a screw spacing of 100 mm on center, the number of screws is reduced to 4.5.

However, the effective number of screws is equal to 3.83, which represents a higher percentage

of fasteners (85.1%).

(a) Test setup

64 mm

40 mm

80 mm lap

49.5 mm32 mm
35 mm
32 mm

ASSY 3.0 ECOFAST 8-90mm

40 mm

(b) Geometric properties of specimens

Figure 4.34: Cyclic test layout half-lap joints with screws at 90 degrees
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Figure 4.35: Overlap connections between CLT and glulam beams: (a) experimental tests and
numerical results; (b) energy dissipated: test versus numerical results

As mentioned above, the thickness of members can play a crucial role on the load-carrying

capacity of timber-to-timber joints. Consequently, the values presented for the envelope curve

in Table 4.4 shall be adjusted to consider the impact of members’ thickness. In this work,

it is assumed that the force values shall be multiplied by a coefficient that is given by the

ratio Fv,l,test/Fv,l,built, where Fv,l,test is the load-carrying capacity per fastener per shear plane
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according to EC5 (CEN, 2005) using the geometrical and mechanical properties of the test

specimens, while Fv,l,built is the equivalent load-carrying capacity per fastener per shear plane

but using the properties assigned for the structure studied in this chapter. According to EC5

(CEN, 2005) the load-carrying capacity of a timber-to-timber connection is given by

Fv,l = min



fh,1 · t1 · d (a)

fh,2 · t2 · d (b)
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[√
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[
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)2
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(
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)]
+

Fax,R

4
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1.05
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[√
2β (1 + β) +

4β(2+β)My,R
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− β
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[√
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1.15
√
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√
2My,R · fh,1 · d+

Fax,R

4
(f)

(4.7)

where fh,1 and fh,2 are the embedment strengths of timber members that are given by fh,i =

0.082(1− 0.01 d)ρi for loads parallel to grain direction; t1 and t2 are the thicknesses of timber

members; d is the outer thread diameter of the screw; β is given by the ratio fh,2/fh,1; My,R is the

dowel’s yielding moment given by 0.3fud
2.6 and Fax,R is the fasteners withdrawal capacity. For

screws used on timber-to-timber connections there are three possible failure modes according

to EC5 (CEN, 2005): withdrawal of the threaded part of the screw; failure by the screw head

pulling through the timber, and screw failure in tension. The following equation is used to

determine the withdrawal capacity per fastener:

Fax,R = min



fax,d·d·lef,1
1.2 cos2 α+sin2 α

·
(
ρ1
350

)0.8
(1)

fax,d·d·lef,2
1.2 cos2 α+sin2 α

·
(
ρ2
350

)0.8
(2)

fhead · d2
h ·
(
ρ2
350

)0.8
(3)

ftens (4)

(4.8)

where fax,d is the axial withdrawal capacity of the threaded part of the screw (N/mm2), d is

the outer thread diameter of the screw (mm), α is the angle between the load and the grain

direction of wood, lef,i is the penetration length (mm) of the threaded part of the screw in

a timber member i, ρi is the density (kg/m3) of member i, fhead is the screw’s head pull-
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through capacity (N/mm2), dh is the head diameter of screw and ftens is the tensile capacity

of the screw (N). The screws used in the half-lap joints tests (Figure 4.34a) have a threaded

length of 50 mm. The properties used to compute the theoretical load-carrying capacity and

the withdrawal capacity per fastener are summarized in Table 4.5.

Table 4.5: Parameters used to compute withdrawal capacity per fastener of half-lap joints tested
in Closen (2017)

Geometrical and mechanical Withdrawal load-carrying
properties capacity capacity

Property Value Unit Mode Value Unit Mode Value Unit
ρ1 = ρ2 420.0 (kg/m3) Fax,R(1) 1.0 (kN) Fv,l(a) 12.6 (kN)
t1 49.5 (mm) Fax,R(2) 3.9 (kN) Fv,l(b) 10.3 (kN)
t2 40.5 (mm) Fax,R(3) 3.4 (kN) Fv,l(c) 5.0 (kN)
d 8.0 (mm) Fax,R(4) 12.0 (kN) Fv,l(d) 4.9 (kN)
My,R 11000 (Nmm) Fv,l(e) 4.1 (kN)
fax 11.0 (N/mm2) Fv,l(f) 3.0 (kN)
lef,1 9.5 (mm)
lef,2 40.5 (mm)
fhead 13.0 (N/mm2)
dhead 14.8 (mm)
ftens 12.0 (kN)

The half-lap joints built within the CLT diaphragms of the three story building under study are

executed with stainless steel ASSY 3.0 ECOFAST 8x120 screws that have a threaded length

of 80 mm, which implies an increment of withdrawal resistance. This fact can be confirmed by

the values presented in Table 4.6. The governing failure mode, according to EC5 CEN (2005)

corresponds to mode (f) of equation (4.7), which is a ductile mode, associated to the formation

of two plastic hinges in the screw, one within each timber member. From the results presented

in Tables 4.5 and 4.6 it is possible to state that the threaded penetration length has influence

on the lateral load-carrying capacity for connections with screws.

Finally, the final envelope curve is obtained by multiplying the forces of the experimental

envelope curve by two distinct factors that consider the differences between the connection

tested experimentally and the one built in the structure. The first coefficient refers to the

effective number of screws and is given by λeff = neff,str/neff,test, where neff,str is the effective

number of fasteners for the connection built within the structure under analysis and neff,test

is the effective number of fasteners for the connection tested. The λeff coefficient is equal to

1.18. On the other hand, as presented above, the lateral load-carrying capacity of the half-

lap joint built in the structure, calculated according to EC5 (CEN, 2005), is higher than the
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Table 4.6: Parameters used to compute withdrawal capacity per fastener of half-lap joints used
in the structure

Geometrical and mechanical Withdrawal load-carrying
properties capacity capacity

Property Value Unit Mode Value Unit Mode Value Unit
ρ1 = ρ2 420.0 (kg/m3) Fax,R(1) 3.1 (kN) Fv,l(a) 17.7 (kN)
t1 70.0 (mm) Fax,R(2) 4.8 (kN) Fv,l(b) 12.7 (kN)
t2 50.0 (mm) Fax,R(3) 3.4 (kN) Fv,l(c) 7.2 (kN)
d 8.0 (mm) Fax,R(4) 12.0 (kN) Fv,l(d) 7.1 (kN)
My,R 11000 (Nmm) Fv,l(e) 5.4 (kN)
fax 11.0 (N/mm2) Fv,l(f) 3.5 (kN)
lef,1 30.0 (mm)
lef,2 50.0 (mm)
fhead 13.0 (N/mm2)
dhead 14.8 (mm)
ftens 12.0 (kN)

one obtained for the half-lap joint tested. The factor that considers this effect is given by

λFv = Fv,l,str/Fv,l,test. For the present connection that value is equal to 1.17.

Table 4.7: Parameters used to define Pinching4 model to represent overlap connections between
CLT and glulam beams

Cyclic Cyclic
backbone curve degradation

Point Fi [kN] di [mm] Parameter δdi δfi δki
I 2.50 1.0 α1 0.1 0.1 0.1
II 5.95 9.0 α2 0.1 0.1 0.1
III 8.43 27.5 α3 2.0 2.0 1.0
IV 0.50 41.5 α4 0.1 0.1 0.5

The behavior of half-lap joints is included in the model through zero-length elements that link

adjacent nodes of distinct panels. As presented in Figure 4.36, the nodes (A) and nodes (B)

share the same coordinates but are part of different shell elements. The Pinching4 model with

the parameters presented in Table 4.7 represents the connections response for forces aligned

with X and Y directions. However, the negative stiffness along X direction (compression) is

assumed to be 1000 times higher than the positive initial stiffness. Additionally, recent studies

(Macpherson et al., 2018) refer that rotational stiffness modeling has impact on the vertical

displacements predictions of CLT floors that use half-lap connections, therefore it shoul be

considered. Based on the results presented in Macpherson et al. (2018) for 140 mm height CLT

panels with 100 mm width half-lap joints, an uniaxial material with a constant stiffness equal
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to 50 kNm/rad is used to model the rotational stiffness about Y axis. It is necessary to assume

some node constraints to guarantee numerical stability. Thus, adjacent nodes from different

panels have equal degrees of freedom for vertical displacements and rotations along the vertical

axis (Z-Z) and the axis perpendicular to the connection (X-X).

y

xz

100

ASSY 3.0 ECOFAST 8x120mm

Figure 4.36: Numerical modeling of half-lap connections

Overlap connections between CLT and glulam beams

The overlap connections between CLT panels and beams are executed with ASSY plus VG

8x260 screws placed at 90 degrees. The numerical model used to represent these connections

has to incorporate their in-plane behavior and their rotational response. The load-carrying

capacity of the overlap connections between CLT and glulam beams can be compared with the

response of half-lap joints with screw placed at 90 degrees. In fact, the governing failure mode

is the same, which is given by equation (4.7f) as presented in Table 4.8.

The lateral load capacity increased when compared to half-lap joints, due to the larger threaded

length of the screw used in these connections. The withdrawal capacity of the connection is now

governed by the head pull-through capacity. The final parameters considered to represent the

envelope curve of overlap connections between CLT and glulam beams are given in Table 4.9.

It is worth noting that these values were calculated considering also the number of effective

fasteners per row, as well as, the increase of load-carrying capacity in comparison to the half-lap

joint tested in Closen (2017).

In terms of rotational response, one should distinguish the behavior of connections located at
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the central bay and the ones located at extreme bays. As presented in Figures 4.37 and 4.38

it is assumed that the moments are resisted through a binary of forces for both cases. The

force (Fc) is related to wood working in compression, while the traction force (Ft) is asso-

ciated to the withdrawal capacity of the screw. However, it is important to stress that the

rotational stiffness of the connections presented in Figure 4.37 must differ for negative and

positive rotations/moments. Given the presence of adjacent panels the negative rotations are

almost restrained and as a consequence, the stiffness must be very large when compared to the

one assumed for positive rotations. The rotations used to establish the zero-lengths response

are computed according to equation (4.6). It is assumed that the displacement s is given by

the ratio between the withdrawal capacity, given in Table 4.8, and the axial slip modulus for

threaded screws, which is given in DIBT (2013)

Kax,ser = 780 · d0.2 · l0.4ef (4.9)

where the d is the outer thread diameter of the screw (in mm) and lef is the minor penetration

length of the screw in the wood-based member (in mm).

Figure 4.37: Numerical modeling of interrupted overlap connections between CLT and glulam
beams

Since the withdrawal failure is brittle, the response can be represented by an elastic link that

can be removed after reaching a certain level of deformation. The rotational properties of the

zero-length elements, presented in Table 4.10, were computed considering that the maximum

axial slip for one screw is equal to 0.70 mm.

It is worth noting that nodes from shells and nodes from frames, which share the same coor-

dinates had to be constrained to have the same displacements along vertical axis (Z) and the
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Fc
Ft

Figure 4.38: Numerical modeling for continuous overlap connections between CLT and glulam
beams

same rotations along Y and Z directions. This constraints were enforced by using the equalDOF

command available in Opensees.

Table 4.8: Parameters used to compute withdrawal capacity per fastener of overlap connections
between CLT and glulam beams used in the structure

Geometrical and mechanical Withdrawal load-carrying
properties capacity capacity

Property Value Unit Mode Value Unit Mode Value Unit
ρ1 = ρ2 420.0 (kg/m3) Fax,R(1) 14.25 (kN) Fv,l(a) 35.5 (kN)
t1 140.0 (mm) Fax,R(2) 11.5 (kN) Fv,l(b) 30.4 (kN)
t2 120.0 (mm) Fax,R(3) 5.6 (kN) Fv,l(c) 15.1 (kN)
d 8 (mm) Fax,R(4) 17.0 (kN) Fv,l(d) 14.0 (kN)
My,R 20000 (Nmm) Fv,l(e) 12.2 (kN)
fax 11 (N/mm2) Fv,l(f) 5.1 (kN)
lef,1 140 (mm)
lef,2 120 (mm)
fhead 10 (N/mm2)
dhead 22 (mm)
ftens 12 (kN)

Timber-to-timber joints connected with inclined screws

As presented in Figure 4.39b, the concealed connection between joists and main beams are

executed with two self-tapping double-threaded screws WT-T-8,2x190 (steel grade 10.9) crossed

at 45 degrees. Given the lack of experimental studies to characterize this connection, two sets

of results available in the literature were used to define the parameters of the Pinching4 model.
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Table 4.9: Parameters used to define Pinching4 model to represent overlap connections between
CLT and glulam beams

Cyclic Cyclic
backbone curve degradation

Point Fi [kN] di [mm] Parameter δdi δfi δki
I 4.25 1.0 α1 0.1 0.1 0.1
II 10.2 9.0 α2 0.1 0.1 0.1
III 14.5 27.5 α3 2.0 2.0 1.0
IV 0.85 41.5 α4 0.1 0.1 0.5

Table 4.10: Strength and stiffness properties for rotational response of overlap connections
between CLT and glulam beams per screw

Interrupted Continuous
CLT panel CLT panel

Property Value Unit Property Value Unit
Krot 80.239 (kNm/rad) Krot 51.353 (kNm/rad)
Mmax 0.56 (kNm) Mmax 0.45 (kNm)
θmax 0.007 (rad) θmax 0.0087 (rad)

A timber-to-timber connection, presented in Figure 4.39a, was studied in Tomasi et al. (2010)

through the performance of monotonic push-out tests using WT-T-8,2x220 screws and glued

laminated timber members of strength class GL24h.

WT �=8.2 L=220  

�=45º X
2+2

F

F/2 F/2

100100 200120

480
390

90

[mm]

(a) Specimens tested in Tomasi et al. (2010)

160

600

[mm]

75 75

150
200

SFS intec 
WT-T-8.2x190

(b) Joists-to-beam concealed joints

Figure 4.39: Connections with screws installed at 45 degrees

Tomasi et al. (2010) concluded that the load-carrying capacity increases when screws are crossed

at 45 degrees (45o X) developing their withdrawal action. In this configuration, the pair works

simultaneously since one screw develops shear–tension stresses while the other works under
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(a) Test apparatus
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(b) Geometric properties of specimens

Figure 4.40: Cyclic test layout half-lap joints with screws at 45 degrees

shear–compression stresses. In addition, the results obtained in Tomasi et al. (2010) for this

layout (45o X) revealed a considerable increment in terms of initial stiffness when compared

to solutions with screws crossed with different angles. However, the ductility is considerably

reduced when screws develop their withdrawal action.

There are just a few cyclic tests available related to connections where pairs of screws develop

shear-tension and shear-compression stresses simultaneously. Recently, cyclic tests were per-

formed for half-lap joints and butt-joints suitable to be used in CLT diaphragms (Hossain et al.,

2018; Closen, 2017; Loss et al., 2018). From these results, it was possible to find a connection

scheme that can be compared to the joist-to-beam connection in terms of cyclic response. The

experimental results used to fit a Pinching4 model are available in Closen (2017) and refer to

the half-lap connection presented in Figure 4.40, which was executed with screws placed at

45 degrees. The CLT panels used were manufactured by Structurlam Products Ltd. meeting

the requirements of ANSI/APA PRG-320 (APA, 2017), while the fasteners were the ASSY 3.0

ECOFAST 12x140 with an ultimate tensile strength of 1015 MPa, which can be also included

in the steel grade 10.9. These self-tapping screws were installed on the same panel face but

with two different orientations at each shear plane, in a way that half of the screws were under

shear-tension stresses and half under shear-compression stresses, for each direction of the shear

loading. It is worth noting that Tomasi et al. (2010) and Closen (2017) used materials with

similar mechanical properties in terms of lumber species used and fasteners’ steel grade.
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From the numerical results presented in Figure 4.41 for force-deformation curve and dissipated

energy, it is possible to conclude that Pinching4 model allows to satisfactorily represent the

cyclic response of the connection. The principal difference relies on the dissipated energy, which

can be justified by the asymmetric response observed at larger displacement cycles, where some

screws had their head pushed-out or pulled-in.
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Figure 4.41: Half-lap joints with screws at 45o: (a) experimental tests and numerical results;
(b) energy dissipated: test versus numerical results

As presented in Figure 4.41, monotonic results differ considerably in terms of strength and

stiffness when compared to the cyclic envelope. This emphasizes the need of performing cyclic

tests and consider them in the design and assessment of connections. The calibration procedure

began by finding the force-displacement values of the backbone that better fits the envelope of

the cyclic test. The second step consists in finding the pinching parameters that provide a good

compromise in terms of dissipated energy per completed cycles. The parameters obtained from

the calibration are rDisp = 0.40 , rForce = 0.20, and uForce = 0.05. Finally the last step is related

to the definition of the parameters that are connected to strength and stiffness degradation.

The aim consists of guaranteeing a low error in terms of maximum forces and dissipated energy

per cycle. The final parameters obtained for the Pinching4 model are presented in Table 4.11.

Table 4.11: Parameters used to define Pinching4 model to represent half-lap joints

Monotonic Cyclic Cyclic
backbone curve backbone curve degradation

Point Fi [kN] di [mm] Point Fi [kN] di [mm] Parameter δdi δfi δki
I 4.43 0.97 I 3.5 1.7 α1 0.1 0.1 0.1
II 7.04 2.72 II 6.0 3.4 α2 0.1 0.1 0.1
III 7.52 4.83 III 6.3 4.8 α3 2.0 2.0 1.0
IV 2.75 20.0 IV 0.7 22.5 α4 0.1 0.1 0.5
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Given the lack of cyclic tests performed for the connections studied in Tomasi et al. (2010),

it was necessary to assume simple relationships between parameters that enabled the determi-

nation of the cyclic envelope curve from the monotonic envelope curve. From the monotonic

test performed by Closen (2017) it was possible to establish these relationships through the

parameters of the Pinching4 model. This was done by assuming that the yield displacement

and the maximum load are the most important parameters extracted from the monotonic test.

Consequently, the correspondent values used in monotonic and cyclic envelope curves for half-

lap joints (Table 4.11) were compared through four different ratios (λi) and used afterwards

to define envelope curves for cyclic response of the connection studied in Tomasi et al. (2010).

These ratios are presented in Table 4.12. The remaining parameters that were used to define

the envelope curve are presented in Table 4.13 and were obtained by keeping the slopes re-

lated to post-yielding branches equal to the ones obtained through the monotonic tests. The

cyclic response, presented in Figure 4.42, was predicted with a SDOF model implemented in

Opensees, where the imposed displacements were computed according to the European Stan-

dard EN 12512 (CEN, 2002a) assuming a joint yield slip equal to 0.50 mm.

Table 4.12: Ratios between Pinching4 parameters for cyclic and monotonic tests

Parameter λi = Xcyc/Xmon

dI 1.76
FI 0.79
dIII 0.98
FIII 0.83
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Figure 4.42: Monotonic test and cyclic response of concealed connection

Considering that the connection tested in Tomasi et al. (2010) makes use of the same mate-

rials as the ones used in the three story building under study, the envelope curve obtained is
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considered as a mean envelope curve to be used in the pushdown analysis performed for the

alternative load path analysis method proposed. The forces used on the envelope curve must

represent only one shear plane (see Figure 4.39b).

Table 4.13: Envelope curve parameters for monotonic and cyclic tests

Monotonic Cyclic
backbone curve backbone curve

Point Fi [kN] δi [mm] Point Fi [kN] δi [mm]
I 26.6 0.51 I 21.0 0.89
II 44.3 1.39 II 35.7 1.71
III 46.1 2.31 III 38.4 2.28
IV 14.3 10.0 IV 4.20 10.55

According to Tomasi et al. (2010), the yield strength obtained through monotonic tests was 1.90

times higher than the value obtained by using the formulae presented in EC5. Moreover, the

initial stiffness observed during the tests has values that are disproportionate when compared

with the value computed through the codes. From this observations, one can conclude that it

is important to represent the behavior of this connections based on experimental tests rather

than values provided by codes.

The zero-length element used to represent the joist-to-beam connections has three degrees of

freedom that are related to translation along Y and Z directions, as well as, rotations long X

direction (see Figure 4.43).

Figure 4.43: Joist-to-beam connections: (a) negative moment; (b) positive moment;(c) plan
view; (d) numerical model

The load-deformation envelopes given in Table 4.13 for ALPA backbone curves are used for

direction Z. Regarding forces along (Y-Y), it is necessary to consider different behaviors for

tension and compression. Assuming that these deformations are reduced in comparison to

the ones related to vertical forces and moments along X-X, the zero-length element is thus
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modeled with an elastic uniaxialMaterial that has a positive stiffness equal to the one used

for Z direction, and a negative stiffness with an absolute value that is 1000 times than the

positive one. Two simplified free body diagrams are presented in Figure 4.43a and 4.43b for

the joist-to-beam response against applied moments along X direction. The traction force Ft

has the behavior assumed for the positive envelope curve used for Z direction. Thus, a similar

approach of the one used for the multiple bolted connection presented in Figure 4.30 is followed

for joist-to-beam moment capacity. The rotations used for the envelope curves are calculated

through equation (4.6) and the respective moments through the equation (3.9), considering a

single shear plane (nsp = 1).

Table 4.14: Pinching4 parameters for concealed joints with screws at 45 degrees

Direction (X-X)a Direction (X-X)a Direction (Z-Z)b

(-) backbone curve (+) backbone curve backbone curve

Point Mi [kN.m] θi [rad] Point Mi [kN.m] θi [rad] Point Fi [kN] δi [mm]
I 0.79 0.012 I 1.31 0.007 I 10.5 0.89
II 1.34 0.023 II 2.24 0.014 II 17.9 1.71
III 1.44 0.030 III 2.4 0.018 III 19.2 2.28
IV 0.16 0.130 IV 0.26 0.084 IV 2.10 10.55
a rotational
b translational

As presented in Figure 4.43c, the blocking members are used to prevent rotations along joists’

longitudinal axis (Y-Y) and along vertical axis (Z-Z), as well as translations in X-direction.

These assumptions are enforced by using the equalDOF command, where the nodes (A) and

(B) presented in Figure 4.43d are constrained to have the same displacements/rotations in

these directions.

OSB-to-joist connections in light-weight wood diaphragms

These connections are used to fix OSB panels on glulam joists. The representation of their

behavior is based on OSB-to-framing connections studied in Sartori and Tomasi (2013). The

authors performed fully reversal cyclic tests that are presented in Figure 4.45a. A SDOF model

was used again to find the parameters (Table 4.15) of Pinching4 model that allow to find a

good balance in terms of strength degradation, stiffness degradation, and dissipated energy per

cycle (see Figure 4.45b). The respective modeling scheme is presented in Figure 4.44.
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z

Figure 4.44: OSB-to-joists model in Opensees

The translations in plane were represented through the Pinching4 model with properties pre-

sented in Table 4.15, while rotational stiffness of the zero-length elements along the vertical

axis was assumed to be negligible. The nodes that share the same coordinates are constrained

for the degrees of freedom correspondent to vertical displacements and rotations about X and

Y axis.

-15 -10 -5 0 5 10 15

Relative Joint Displacement (mm)

-15

-10

-5

0

5

10

15

F
o

rc
e 

(k
N

)

(a)

Experimental

Pinching4

0 3 6 9 12

Displacement cycles

0

0.2

0.4

0.6

E
n

er
g

y 
d

is
si

p
a

te
d

 (
kN

.m
)

(b)

Experimental

Pinching4

Figure 4.45: OSB-to-joists: (a) experimental tests and numerical results; (b) energy dissipated:
test versus numerical results

4.5.2 Basic random variables and assumed statistical correlations

The probabilistic framework considers a total of 129 random variables. The majority of the

variables are related to the properties used to define the behavior of the moment-resisting

joints presented in chapter 3. The values used to create each backbone curve can be consulted
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Table 4.15: Parameters used to define Pinching4 model to represent OSB-to-joists

Cyclic Cyclic
backbone curve degradation

Point Fi [kN] di [mm] Parameter δdi δfi δki
I 4.50 0.75 α1 0.1 0.1 0.1
II 7.90 1.88 α2 0.1 0.1 0.1
III 14.40 13.13 α3 2.0 2.0 1.0
IV 0.90 16.88 α4 0.1 0.1 0.5

in Tables 3.6 and 3.7. The properties of glulam members were assumed as presented in Ta-

ble 3.3 with the intra-element correlation matrix shown in Table 3.4. Moreover, variability is

also assumed for multiple bolts joints (Figure 4.30), steel-to-timber connections (Figure 4.28),

overlap connections between CLT and glulam beams (Figure 4.38) and timber-to-timber joints

connected with inclined screws at 45 degrees. The yielding force and the initial stiffness of each

connection is modeled with lognormal distributions. Given the lack of experimental tests, a

coefficient of variance of 15% is assumed for both properties being in the same range in terms

of initial stiffness (see Table 3.6). However, the coefficient of variation assumed is higher than

the one obtained for ring-doweled joints. This can be justified by the uncertainties related to

the mechanical models used that shall be confirmed through testing in future studies. The

remaining values used to establish the backbone curve are calculated by assuming the same

ratios between each key points and the yielding point in terms of displacements and forces.

The permanent loads (dead loads) resultant from self-weights of materials do not vary signifi-

cantly through the life of the structure. According to (Melchers, 1999), dead loads are assumed

as Normal distributed, typically with a mean equal to the nominal load, and a coefficient of vari-

ation of 0.05–0.10. The variability of dead load is mainly associated to non-structural cladding,

services and permanent installations rather than to the variability of the load-bearing materials

themselves. As suggested by Pham (1985), the lognormal distribution is appropriate to model

dead loads for a wide range of materials. In addition, the coefficient of variation proposed in

JCSS (2001) is equal to 10% for wood materials. In this chapter, the dead loads are modeled

with a lognormal probability distribution in order to avoid negative values, their mean values

are assumed to be equal to the nominal value while the coefficient of variation is equal to 0.10.

The live load (LL) is produced by the gravity of people and equipment used in their actions

and vary in time and space in a random manner. According to JCSS (2001), the variation in
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time is represent by dividing the total live loads in two portions: sustained load (e.g weight

of furniture) and intermittent load (e.g. crowded rooms during special events). These loads

are usually represented through extreme value distributions (e.g Gumbel). However, Corotis

and Doshi (1977) consulted the structural floor load data from five major live-load surveys

and made goodness-of-fit tests in order to determine the accuracy of fitted normal, lognormal,

and gamma distributions. Sentler (1976) fitted the gamma distribution and the lognormal

distribution to his survey of floor loads. Although the gamma distribution appeared to best fit

the data, he concluded that both distributions provided a good fit to residential load survey

data. The loaded area admitted for the present robustness assessment is inserted in the category

C1 of Table 6.2 presented in European Eurocode 1-1 (CEN, 2002b) that refers to areas where

people may congregate (e.g. areas in schools). Given the lack of surveys regarding educational

buildings, the lognormal distribution was assumed with a mean value of 2.0 kN/m2 coefficient

of variation of 0.30 (Sentler, 1976). Figure 4.46 provides the probability density functions

obtained by fitting a lognormal distribution to the samples of gravity loads (Ω = 1.0) generated

through the LHS method.
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Figure 4.46: Probability density function of the gravity loads applied

4.5.3 Other variables assumed

The properties used for OSB panels were based on the experimental work developed in Zhu

et al. (2005). The failure of OSB members is not considered as crucial for the progressive
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collapse of the structure studied. Thus, the respective mechanical properties were assumed as

deterministic and defined with their mean values. presented in Table 4.16, which were obtained

through tension tests. Similar considerations were done for the CLT diaphragms, where the local

failure of connections prevails over bending and shear failure of CLT panels. Their properties

were introduced in an orthotropic material model with the values presented in Table 4.17

for lumber from strength class C24 according to EN 338 (CEN, 2016). The properties were

obtained through methods introduced in Chapter 2 based on the works developed in H. Blaß

and Fellmoser (2004) and Gsell et al. (2007).

Table 4.16: Mean properties used to model OSB orthotropic material

Property Value [N/mm2] Property Value [N/mm2] Property Value [-]
Exx 3770.0 Gxy 235.6 νxy 0.184
Eyy 2563.0 Gyz 50.0 νyz 0.312
Ezz 130.0 Gzx 50.0 νzx 0.013

Table 4.17: Mean properties used to model CLT orthotropic material

Property Value [N/mm2] Property Value [N/mm2] Property Value [-]
Exx 3526.7 Gxy 525.9 νxy 0.01
Eyy 8843.3 Gyz 228.6 νyz 0.01
Ezz 500.0 Gzx 40.2 νzx 0.01

The withdrawal stiffness of screws used to fix CLT panels to beams was calculated according to

the values provided in the respective European Technical Approval (DIBT, 2013) as presented

in equation (4.9). The withdrawal capacities of screws and shank nails used in the connections

of both diaphragms are governed by their pull-through strengths, which are dependent on the

density of the wood members, see equation (4.8).

4.5.4 Removal procedures in Opensees

Opensees framework allows elements, nodes, and loads removal through the remove command.

This feature can be used to simulate the loss of capacity of timber members and connections.

In addition, the removal can be performed between two consecutive steps through user defined

routines in tcl.

In this work the removal of linear elastic elements (columns and beams) is simulated by discon-

necting two consecutive frames. Thus, a new node is generated having the same coordinates
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as the node associated to the local stresses that exceeded the respective cross-section strength

capacity. The combination of shear and torsion of glulam elements was considered as it is

proposed in STEP 1 (H. J. Blaß et al., 1995) and taken from equation (4.37) of (Porteous &

Kermani, 2013). The flexural resistance of beams was verified according to section (6.3.3) of

EC5 (CEN, 2005), where the lateral torsional stability is also considered. The columns were

verified for combined bending and axial tension and combined bending and axial compression,

in agreement with the verifications included in sections (6.2.3), (6.2.4) and (6.3.2) of EC5 (CEN,

2005). The failure of CLT panels due to shear, axial loading, and bending is verified according

to the formulae available in NDS.

The failure of connections is evaluated in different ways depending on the typology of the joint.

The failure of moment-resisting joints executed with dowels (4.17a) and bolts (4.30a) is given

by the following equation:

(
FX

FX,max

)2

+

(
FZ

FZ,max

)2

+

(
MY

MY,max

)2

≤ 1.0 (4.10)

where FX, FZ, and MY are the applied forces that are given by the numerical model results.

In this work, the maximum capacities FX,max, FZ,max, and MY,max considered are the maximum

values (III ) of the respective envelope curves, see Tables 3.1 and 4.2. The connection between

joists and glulam beams is evaluated considering vertical and horizontal loads. However, the

horizontal loads are related to the moment applied through the following equation:

(
FY +MZ/h

FY,max

)2

+

(
FZ

FZ,max

)2

≤ 1.0 (4.11)

where FY, FZ, and MZ are the applied forces that are given by the numerical model results (see

Figure 4.43). The length h is the lever arm of the moment applied, which varies depending if

the moment is positive (h=75 mm) or negative (h=125 mm).

A similar approach is applied for the verification of the moment capacity of overlap connections

between CLT and glulam beams, as presented by the following equation:

(
FZ +MX/b

Fax,max

)
≤ 1.0 (4.12)
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where FZ and MX are the applied forces (see Figures 4.37 and 4.38 and b is the correspondent

lever arm. Regarding the forces applied perpendicular to the screws the verification is given by

(
FX

FX,max

)2

+

(
FY

FY,max

)2

≤ 1.0 (4.13)

where FX,max and FY,max are the maximum values of the respective envelope curves presented

in Table 4.9.

The pushdown procedure shown in Figure 4.47 starts with the notional removal of one or more

elements to simulate an initial damage due to an unpredictable event. After each displacement

increment step and respective structural analysis, a global failure assessment is conducted in

order to evaluate if the damage was propagated to the adjacent bays. It is worth nothing that

a disproportionate collapse is assumed when main beams, columns and connections reach their

capacity. When the procedure confirms that all main elements of adjacent bays remain intact,

there is a structural update that comprise the removal of zero-length elements, the disconnection

of frame elements or a stiffness update of moment-resisting connections’ properties (e.g. joist-

to-beam joints presented in Figure 4.43).

Figure 4.47: Pushdown procedure for progressive collapse assessment
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4.6 Alternative path method implementation

The pushdown analysis performed included four distinct initial damage (D) scenarios. Namely,

the loss of a single column at the external bay (D1 in Figure 4.48a), the simultaneous loss of

two columns located at the corner of the structure at the external bay (D2 in Figure 4.48b),

the simultaneous loss of two columns and two diagonals located at the central bay (D3 in

Figure 4.49a), and the loss of the central column of the interior bay (D4 in Figure 4.49b).

These four initial damage scenarios were considered and their respective failure progression

evaluated in each pushdown analysis. The LHS method was used to define a sample with 1000

structural realizations, which were sequentially assessed for each scenario and model structure

corresponding to a total of 8000 pushdown analyses. The overload factor was calculated for

two different load phases. The first one is related with the first failure of a floor-to-beam

connection and the second is referent to the loss of capacity of a main load bearing element

(beams, columns and moment-resisting joints). The developed models have some limitations

that shall be considered when evaluating the results. These limitations pertain to the column

shoes capacity, which were considered to be considerably stronger than the remaining elements.

In addiction, the effect of debris impact loads after fractures that lead to member separation

was neglected. From the results obtained it was possible to define fragility curves that allow to

compute the probability of failure given that a certain initial damage occurred (P (Failure|Di)).

4.6.1 Pushdown analysis results

Similar collapse failure modes were observed for both types of diaphragms in each damage

scenario. The configuration of the structural response is presented for each initial damage

scenario through the vertical displacement diagrams showed in Figures 4.48 and 4.49.

The deformations were considerably higher for the damage scenarios related to the loss of single

columns located in the central part of the structure (D1 and D4), as shown by the respective

probability density functions of Figure 4.50. The capacity to deform without rupture of ring-

doweled joints was exploited, while several connections where transformed in hinged joints. The

collapse was reached after the failure of one ring-doweled connection. In other word, when the

verification given though the equation (4.10) was not satisfied. Several analysis returned the

failure of one main beam due to excessive bending stresses. From the numerical results obtained,
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(a) Scenario D1 (b) Scenario D2

Figure 4.48: Loss of elements at external bay

(a) Scenario D3 (b) Scenario D4

Figure 4.49: Loss of elements at internal bay
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it is possible to state that the initial damage scenarios (D2) and (D3) conducted to collapses

that did not exploit the ability of joints to deform. In these cases, the beams located just above

the damaged elements sustained the loads and failed due to excessive bending stresses.
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(b) CLT diaphragm

Figure 4.50: Probability density functions for maximum vertical displacements of the model
structure for distinct elements loss scenarios

The distinct initial damage scenarios can also be compared in terms of the deformation capac-

ity of the floor-to-beam connection by consulting the probability density functions of the the

maximum rotations measured at the joists ends that are shown in Figure 4.51a. In general, the

joist-to-beam connections used in the light weight solution rotated more than the connections

of CLT-to-beams. However, it is worth noting that the scenario D4 (interior column loss) con-

ducted to larger rotations due to the continuity of the CLT panels used at the central part of the

structure. The parameters used to fit the a lognormal distribution of maximum rotations and

vertical displacements can be consulted in Tables 4.18 and 4.19, respectively. Another evidence

depicted from the results refers to the absence of catenary actions or membrane behavior of

floors. This is justified by the low level of displacements of glulam beams and small magnitude

of the rotations measured at floor connections and moment-resisting joints. The main mech-

anism used to sustain the loads due to local failures was the beam action of the main glulam

beams.

The pushdown curves presented in Figure 4.52 were computed using the median properties

for all connections and members properties. The results shown in Figure 4.52a demonstrate

that the initial damage scenarios associated to element losses at the central bay conducted to

lower overload factors for structures built with light-weight diaphragms. It is worth noting
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(b) Rotations at CLT panels edges

Figure 4.51: Probability density functions for joist ends rotations and CLT panels connections
of the model structure for distinct elements loss scenarios

Table 4.18: Lognormal parameters used to represent the variability of maximum vertical dis-
placements measured at the control node

Damage Failure OSB diaphragms CLT diaphragms
Scenario state µln ξln E[X] (mm) CoV[X] µlnD ξln E[X] (mm) CoV[X]
D1 CP 4.513 0.166 92.5 0.167 4.198 0.179 67.6 0.180
D2 CP 2.975 0.203 20.0 0.205 3.106 0.136 22.5 0.137
D3 CP 2.354 0.352 11.2 0.363 2.010 0.608 9.0 0.67
D4 CP 4.277 0.150 72.8 0.151 4.603 0.141 100.8 0.142

Table 4.19: Lognormal parameters for maximum relative rotations between floor elements
(Glulam joists and CLT) and main glulam beams

Damage Failure OSB diaphragms CLT diaphragms
Scenario state µln ξln E[X] CoV[X] µlnD ξln E[X] CoV[X]
D1 CP 0.656 0.158 1.951 0.159 -0.584 2.106 0.570 0.213
D2 CP -0.271 0.204 0.779 0.206 -0.550 0.108 0.580 0.108
D3 CP -0.796 0.260 0.466 0.264 -1.280 0.477 0.312 0.506
D4 CP 0.354 0.138 1.439 0.139 0.850 0.140 2.363 0.141
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that the central bay has a higher level of forces applied and the floor demonstrates a low

capacity to transmit loads for adjacent bays. In opposition, the model structures built with

CLT diaphragms showed better results (see Figure 4.52b) in terms of overload factors at the

collapse limit state, specially for scenarios D2 and D4 where the overload increased around

37.5% and 60% in comparison to the light-weight solution. This is associated to the continuity

of panels over bays in the central part, that allowed loads redistribution to undamaged parts.

However, the initial damage scenario D3 showed lower overload values since the CLT panels,

right above the removed elements, were not continuous resulting on redistribution of loads that

are dependent on the rotational capacity of floor-to-beam connections. As presented, in Table

4.10 the connections commonly used to connect CLT panels to glulam beams present a very

low rotational stiffness.
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Figure 4.52: Pushdown curves for distinct damage scenarios

4.6.2 Fragility analysis

The fragility functions computed here result from fitting a lognormal distribution to the overload

factor extracted from each pushdown analyses performed for the different damage scenarios

admitted. From the fragility curves presented for structures built with light-frame diaphragms,

it is possible to verify that the collapse fragility curves P (CP |Di) present mean values of

overload factors that are considerably higher than the overload factors obtained at the first

failure of a floor connection (P (FF |Di)). This fact indicates the capacity of the structure to

sustain a local damage without rupture, specially for initial scenarios D1 and D4. Another
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Figure 4.53: Fragility curves for distinct column loss scenarios for model structures with light
frame diaphragms

important finding is related to the change from light-frame diaphragms to CLT floors that

caused an increment in terms of the mean value of the overload factor related to all the collapse

fragility curves built, except for the initial damage scenario D3. As stated above, according to

the numerical results that is associated to the discontinuity of CLT panels at the diaphragm

edges.

Table 4.20: Fragility curves parameters for overload factors related to distinct damage scenarios

Damage Failure OSB diaphragms CLT diaphragms
Scenario state µln ξln E[X] CoV[X] µlnD ξln E[X] CoV[X]
D1 P (FF |Di) 0.406 0.264 1.554 0.269 0.815 0.144 2.283 0.145

P (CP |Di) 0.809 0.168 2.278 0.169 0.842 0.135 2.342 0.136
D2 P (FF |Di) 0.484 0.220 1.662 0.223 -0.053 0.108 0.954 0.108

P (CP |Di) 0.700 0.155 2.038 0.156 0.995 0.106 2.720 0.106
D3 P (FF |Di) 0.125 0.170 1.150 0.171 -0.351 0.210 0.720 0.212

P (CP |Di) 0.155 0.180 1.187 0.182 -0.019 0.346 1.042 0.357
D4 P (FF |Di) -0.537 0.269 0.606 0.274 -0.008 0.140 1.002 0.141

P (CP |Di) 0.242 0.159 1.290 0.160 0.720 0.175 2.086 0.177

According to ARUP (2011) the gravitational loads used to perform the ALPA method shall

be multiplied by a dynamic amplification factor, that for timber structures is equal to 2.0. In

order to address if the seismic design provisions, which were used to design structure system

under study, also guarantee structural robustness against progressive collapse, the probability

of failure associated to overload factor of 2.0 is evaluated for each damage scenario in Table

156



0 0.5 1 1.5 2 2.5 3 3.5 4 4.5

Overload factor

0

0.2

0.4

0.6

0.8

1
P

ro
b
a
b
il

it
y 

o
f 

fa
il

u
re

CP - D
1

CP - D
2

FF - D
1

FF - D
2

(a) External frame

0 0.5 1 1.5 2 2.5 3 3.5 4 4.5

Overload factor

0

0.2

0.4

0.6

0.8

1

P
ro

b
a
b
il

it
y 

o
f 

fa
il

u
re

CP - D
3

CP - D
4

FF - D
3

FF - D
4

(b) Internal frame

Figure 4.54: Fragility curves for distinct column loss scenarios for model structures with CLT
diaphragms

4.21.

The reliability index, β, is another structural performance indicator used to assess robustness

and is calculated in this thesis according to the following equation:

β = Φ−1 (1− pf ) (4.14)

where β is the structural reliability index, pf is the probability of failure that is determined from

the fragility curves, and Φ−1 is the inverse cumulative distribution function of the standard

normal distribution. The values obtained for respective reliability indexes are presented in

Table 4.21 when the overload factor assumed is equal to 2.0. Attending to the results presented

it is possible to conclude that structures built with CLT diaphragms present better performance

against progressive collapse than light-frame diaphragms. The highest difference, favorable to

CLT diaphragms, refer to the damage scenario D2 where the probability of failure was reduced

from 48.2 % to 0.2%. However, the results obtained for scenario D3 reveal the importance of

the panels being continuous over two bays.

There is a lack of research efforts to address the adequate dynamic amplification for distinct

timber structures typologies. Such gap can be filled by the development of experimental tests

on building prototypes that can be also compared to numerical results. These models shall
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Table 4.21: Probability of failure and respective reliability indexes for overload factor of 2.0

Damage Failure OSB diaphragms CLT diaphragms
Scenario State pf β pf β
D1 P (CP |D1) 0.245 0.690 0.135 1.103
D2 P (CP |D2) 0.482 0.044 0.002 2.821
D3 P (CP |D3) 0.999 -2.990 0.980 -2.052
D4 P (CP |D4) 0.998 -2.837 0.439 0.153

improve the methodologies used to address structural robustness of timber structures.

Given that the dynamic amplification factor (Ω) of equation 4.2 can vary from 1.0 to 2.0,

Figure 4.55 allows to compare the reliability indexes obtained for the distinct damage scenarios

considering overload factors ranging from 1.0 to 2.0.
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Figure 4.55: Conditional reliability indexes for overload factors between 1.0 and 2.0

The results reinforce that the structures with CLT diaphragms present higher conditional relia-

bility indexes than the structures built with light-weight diaphragms. However, this statement

is adequate only for damage scenarios D1, D2, and D4.

Since the collapse is associated with failure beams and ring-doweled connections, which is

directly influenced by the length of beams spans, the reduction of the spans can constitute an

adequate measure. This measure could also increase the structural capacity against seismic

loads. Another hypothesis to improve robustness is associated to the increase of beams cross-

section. On the other hand, the response of the light-frame diaphragm can be improved by

building a similar system but with continuous beams spanning over two bays. This measure
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would provide capacity to redistribute partially the loads from damaged bays to adjacent ones.

4.7 Conclusions

For multi-story timber buildings, robustness is strongly dependent on the structures capacity

to redistribute loads to undamaged parts, and thus, on its ductility and redundancy. To

contribute to the robustness assessment methodologies of timber structures, the propensity to

progressive collapse of a three-story building is analyzed in this thesis. The lateral resisting

systems consist of glued-laminated timber (GLT) braced frames and moment-resisting frames

with doweled joints. Connections and members were designed to fulfill the seismic detailing

requirements presented in Eurocode 5 and Eurocode 8 for high ductility class structures. Given

the importance of diaphragms to guarantee alternative load paths, two diaphragm typologies

were evaluated. The first one consists of a low weight solution with 18 mm oriented strand

boards fastened to the GLT joists, while the second solution makes use of CLT panels connected

with half-lap joints.

The progressive collapse assessment of the structure was evaluated through a probabilistic

approach, which accounts for uncertainties in mechanical properties of glulam members and

connections. The Latin Hypercube Sampling method was used to generate a set of structural

samples. For each realization, an alternative load path analysis (ALPA) was conducted through

nonlinear static analyses that considered four distinct elements loss scenarios. The finite ele-

ment model was built in Opensees framework given its ability to remove structural elements

between consecutive analyses steps. This feature allowed to consider the effect of brittle failures

in connections and timber members, while proceeding with the analysis. Fragility curves were

developed for four distinct initial damage scenarios based on the overload factors obtained from

each ALPA conducted. The 3D models used incorporated constitutive models for connections

based on previous experimental results. Nevertheless, the tests available in the literature were

not oriented directly for the connections used in the building under study. In addition, the

experimental campaigns performed so far focused essentially on the shear capacity of joints,

rather than their rotational capacity, which is deemed crucial to develop mechanisms for redis-

tribution of loads after a local failure. Thus, experimental tests must be performed to reduce

the uncertainties related with the constitutive models used in the present work. On the other
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hand, a sudden loss of elements, due to impacts or explosions, triggers a dynamic response of

the damaged structure. Thus, nonlinear dynamic analyses shall be performed in the future to

assess the reliability of the fragility curves proposed in this chapter. Despite, the inherent lim-

itations, the progressive collapse assessment performed here applied advanced methodologies,

which were proposed by the most recent code provisions. The major findings achieved in this

chapter were:

� The seismic design provisions do not dismiss a progressive collapse assessment during the

design phase. This fact is justified by the fragility curves obtained in terms of overload fac-

tors for all the initial damage scenarios considered. Given that the dynamic amplification

factor proposed for timber structures, in the literature, is equal to 2.0, the correspondent

probabilities of failure are, in some cases very high;

� The pushdown analysis performed shown that structures with CLT diaphragms have

higher progressive collapse resistance than the structures built with light-weight diaphragms.

This results are associated with the use of continuous CLT panels over two adjacent bays.

In opposition, the rotational capacity of the connections between joists and beams was

very low, which compromised the load redistribution from damaged bays to the intact

ones. In this case, the consideration of continuous joists over two bays could guarantee

an improvement in the structural robustness;

� The principal failure modes observed were related to bending stresses of glulam beams,

followed by the loss of capacity of moment-resisting joints to transfer loads from glulam

beams to columns. Thus, the increase of strength of this properties would increase also

the resistance of the structure to avoid a progressive collapse due to local failures.

The methodologies presented can be included in a risk based robustness assessment that con-

sider also the probabilities of occurrence of different exposures, such as impacts and explosions,

while considering the direct and indirect consequences of failures. Thus, following research

efforts can focus on the quantification of those costs, while working on the reduction of the

inherent model uncertainties
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Chapter 5

Conclusions and Future work

5.1 Summary of the research work

The main objective of this thesis was to propose analyses approaches to assist in the design and

assessment of heavy-timber structures due to seismic actions and robustness. These analyses ac-

count for uncertainties associated with connections behavior and timber mechanical properties,

as well as the variability in failure modes of the different structural elements and connections.

Diaphragms are crucial to guarantee clear paths for inertial loads during earthquake ground mo-

tions. In order to improve the understanding of the behavior of CLT diaphragms, experimental

data was collected during a shake-table testing of a two-story mass-timber prototype building

(Pei et al., 2018a). A computational modeling approach was described as well as the the funda-

mental engineering concepts and principles of mechanics used to design the diaphragms under

study. The experimental data was used to validate numerical results obtained from nonlinear

static analysis performed in SAP2000 finite element analysis software. The peak response of

different earthquake tests were captured through nonlinear static analyses performed on 2D

models, where the nodal loads were applied incrementally from zero to the full specified mag-

nitude. These loads were determined considering the material weights and the accelerations

measured in situ. The modelling strategy made use of SAP 2000 interactive editing feature al-

lowing to represent the different connections built on the diaphragm. The zero-length elements

used to model the connections were calibrated according to cyclic tests performed on plywood

surface-splines (Closen, 2017). The influence of friction was also studied by assuming a rigid
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behavior for the connections until the static friction force was reached. A parametric study was

performed, considering different clamping forces and distinct friction coefficients. The influence

of in-plane stiffness properties was addressed by combining independently the mean value, and

the 5 % and the 95 % percentiles of the elastic modulus and shear modulus of the lumber to

compute the stiffness properties of the CLT panels added to the orthotropic shell elements used

to model them.

The seismic performance of a heavy-timber structure designed with ring-doweled moment re-

sisting connections was evaluated. The ring-doweled joints used to connect beams and columns

had already been experimentally studied under cyclic testing in (Polastri et al., 2013). The

results had shown that the connection could fulfill the requirements of EC8 for high ductility

class structures. A comprehensive seismic performance assessment which included numerical

nonlinear static and nonlinear dynamic analysis. OpenSees was used for the numerical analysis,

in which the Pinching4 constitutive model was used to capture the moment-rotation behav-

ior of ring-doweled moment resisting connections, which was calibrated based on testing data

available in the literature. The inherent variability of the timber structural members was in-

cluded in the analysis as modeling uncertainties, which influenced the structural capacity and

the notable points used to characterize the hysteretic response of the connections. Using a set

of 1000 structural models generated with the Latin Hypercube Sampling method, a probabilis-

tic assessment was performed including spatial variability of strength and stiffness of timber

elements and connections properties. Nonlinear static analyses were first performed to evaluate

the variability of limit-state interstory drift ratios and q-factors. In addition, multi-record in-

cremental dynamic analysis (IDA) was performed assuming the first mode spectral acceleration

as the intensity measure and peak interstory drift ratio as the damage measure. Several seismic

fragility curves for different performance levels, including Immediate Occupancy, Life Safety,

Collapse Prevention, and Global Collapse, were determined using the results from multi-record

incremental dynamic analysis.

For multi-storey timber buildings, robustness is strongly dependent on the structures capacity

to redistribute loads to undamaged parts, and thus, on its ductility and redundancy. To

contribute to the robustness assessment methodologies of timber structures, the propensity to

progressive collapse of a three-story building was analyzed in this thesis. The lateral resisting

systems consist of glued-laminated timber (GLT) braced frames and moment-resisting frames
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with doweled joints. Connections and members were designed to fulfil the seismic detailing

requirements present in Eurocode 5 and Eurocode 8 for high ductility class structures. Given

the importance of diaphragms to guarantee alternative load paths, two diaphragm typologies

were evaluated. The first one makes use of CLT panels connected with plywood surface-splines,

while the second solution consists of a low weight solution with 18 mm oriented strand boards

fastened to the GLT joists. The progressive collapse assessment of the structure is evaluated

through a probabilistic approach, which accounts for uncertainties in mechanical properties of

members and connections. The Latin Hypercube Sampling method was used to generate a

set of structural samples. For each realization, an alternative load path analysis (ALPA) was

conducted through nonlinear static analyses that considered distinct column loss scenarios. The

finite element model was built in Opensees framework given its ability to remove structural

elements between consecutive analyses steps. This feature allowed to consider the effect of

brittle failures in connections and timber members, while proceeding with the analysis. Fragility

curves were developed based on the overload factors obtained on each ALPA conducted.

5.2 Summary of major findings

From the investigations carried out on CLT diaphragms tests and numerical modeling included

in Chapter 2, the main observations were:

� The consideration of friction allows to capture accurately the surface splines peak defor-

mations resultant from the ground shaking;

� A conservative design is reached when friction is neglected. The model with the highest

friction coefficient as well as the highest clamping forces produces a maximum spline force

that is 62 % lower than the one obtained with the model that neglects friction;

� The variability assumed for friction forces resulted on surface-spline forces with a coeffi-

cient of variation equal to 11 %;

� The contribution of surface splines were not considered when designing the chord splices,

which results on a overestimation of the forces;
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� The occurrence of wall rocking at their base may cause uplift between adjacent panels at

the diaphragm. These occurrence may originate normal stresses due to bending of the

steel plates. This behavior is not captured through the two-dimensional model proposed.

A numerical modeling strategy was presented for the design and assessment of CLT diaphragms

subjected to earthquake loads. The satisfactory results obtained in terms of displacements and

the model’s capability to capture the most important phenomena regarding connections’ re-

sponse prove its feasibility and accuracy. In this way, the model constitutes a good alternative

to simplified methodologies applied during the design phase. Since a structural engineer must

find a compromise between numerical efficiency and tight schedules, the time and effort as-

sociated with developing the numerical model also weighs on the choice of design method.

Although, an experienced user of finite element model software can handle most of the features

proposed in this thesis, the definition of all the special joints and zero-length elements can be

a time consuming task that might hinder the usage of this methodology in structural design

projects. The application of the model without friction is suggested as a less demanding option.

This model ensures a good compromise between accuracy and development effort, providing

values of design forces higher than the ones obtained from models with friction (more accurate

models), and therefore more conservative, but lower than the values obtained from simplified

and conservative design methods.

From the seismic assessment performed on a heavy-timber structure designed with ring-doweled

moment resisting connections, presented in Chapter 3, the major findings were:

� Parameters for the peak value of interstory drift ratio θmax associated with different

damage states were obtained. Median values obtained were 1.2%, 4.9%, and 7.9% for the

IO, LS, and CP damage states, respectively. In addition, the coefficient of variation of

θmax ranged from 9% to 15%, which are relatively low values, specially since modeling

uncertainties were explicitly considered;

� The median value of the q-factor obtained from the pushover analyses was considerably

higher (q= 7.1) than the value prescribed in EC8 (qEC8 = 4.0). Moreover, the median

value of the ductility factor Rµ obtained was 4.0. These results indicate that the q-factor

values considered in EC8 and the detailing requirements defined in EC8 and EC5 are

adequate for design of this type of structure;
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� The multi-record IDA results showed that modeling uncertainties have a slight influence

on the expected values of the IDA curves for peak interstory drifts ratios lower than

5%. Nonetheless, when modeling uncertainties are taken into account the coefficient of

variation increases up to 43%;

� From the disaggregation of the IDA curves according to four different q-factor levels, it

was observed that structural models with higher q-factors are more likely to resist ground

shaking with higher intensities. These results can be partially explained due to the fact

that a positive linear correlation of 0.46 was observed between the q-factor and RΩ;

� No brittle failures were observed in the dynamic analyses conducted to compute the IDA

curves, indicating that the sizing requirements in EC8 are adequate, but potentially too

conservative, thus leaving room for improvements of the slenderness of the members and

dowels;

� Modeling uncertainties did not affect the median values of the fragility curves associated

with IO and LS. However, the coefficient-of-variations increased by 18% and 13% when

the modeling uncertainties were considered for the IO and LS damage states, respectively;

� When modeling uncertainties are neglected an overestimation of the capacity is obtained,

both in terms of spectral acceleration and peak interstory drift for the CP and GC damage

states, by approximately 3% and 5%, respectively. However, the coefficient-of-variation

did not change for the CP and GC damage states, when modeling uncertainties were

considered.

From the robustness assessment performed on a heavy-timber structure, presented in Chapter

4, the major findings were:

� The overload factors computed through the pushdown analysis performed for structures

with CLT diaphragms are higher than the values obtained for structures built with the

light weight solution. This results can be partially associated to the use of continuous

CLT panels over two adjacent bays;

� The seismic design provisions used to define elements sizing and connections geometrical

configurations do not dismiss a progressive collapse assessment during the design phase.
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This finding is justified by the fragility curves obtained from the alternative load path

analysis that simulate a sudden removal of first-story elements. The consideration of

a dynamic amplification factor equal to 2.0 conducts to lower reliability indexes, which

mean that the structural system is not robust against progressive collapse;

� The principal failure modes observed are related to bending stresses observed in GLT

beams and the loss of capacity of moment-resisting joints to transfer loads from GLT

beams to columns.

5.3 Limitations of the research work

The experimental results presented for CLT diaphragms were extracted from a full-scale shake-

table test. Despite, the accuracy of the numerical results obtained through a 2D finite element

model, some important phenomena as uplift can only be captured with a 3D model, including

the remaining vertical elements and their connections. In addition, nonlinear dynamic analysis

shall be performed and compared to the results presented. A parametric study was performed

in order to assess the influence of friction on the diaphragm response. However, the values

assumed for the clamping forces are uncertain given that the assemblage of the structure was

performed without using any torque specification. In fact, the construction workers simply

ensured that the joint or connector being fastened is tight to the surface and the fastener is

fully installed. This limitation was opposed by considering different values of clamping force.

In Chapter 3, the seismic assessment involved nonlinear dynamic analysis on a 2D model of

a moment-resisting frame structure, which is the lateral resisting system of single direction

of a three-storey building. However, the influence of ground motion direction and duration

was not considered. This variables can only be accounted with a 3D model that includes the

representation of the perpendicular lateral resisting system as well as the diaphragms.

The alternative path analysis performed in Chapter 4 used 3D models that incorporate con-

stitutive models for connections that were based on previous experimental results available in

the literature. Nevertheless, the tests available in the literature were not oriented directly for

the connections used in the building under study. In addition, the experimental campaigns

performed so far focused essentially on the shear capacity of joints, instead of studying their
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rotational capacity, which is deemed crucial to develop mechanisms for redistribution of loads

after a local failure. Thus, experimental tests shall be performed to reduce the uncertainties

related with the constitutive models used in the present thesis. On the other hand, a sudden

loss of elements, due to impacts or explosions, triggers a dynamic response of the damaged

structure. Thus, nonlinear dynamic analyses shall be performed in the future to assess the

reliability of the fragility curves proposed in this thesis.

5.4 Applications

The research work presented throughout this thesis aims to provide guidelines for the design

and assessment of multi-storey timber buildings. In this way, the model proposed for CLT

diaphragms constitutes a good alternative to simplified methodologies applied during the de-

sign phase. Risk assessments are crucial for decision making and involve the computation of

failure probabilities for distinct exposures as earthquakes, impacts and explosions. The values

assumed are commonly obtained from qualitative measures based on past occurrences and ex-

perts opinions. This thesis presents quantitative methodologies that can be used in opposition,

having the advantage of being directly related with the cases under study.

5.5 Future Work

In regard of CLT diaphragm modeling, future studies will concentrate on keeping model relia-

bility while decreasing the effort expended in including crucial behaviors such as panels’ closure

in surface spline connections. For instance, the solution proposed by Breneman et al. (2016),

where the connection zones are modeled with 2D shell elements with distinct properties of the

CLT panels, already constitutes a good step in this direction. Further investigations should be

carried out in order to evaluate and validate such proposal with experimental results, keeping

in mind that it as to provide different behavior for perpendicular directions.

The seismic assessment performed on a moment-resisting frame structure with ring-doweled

showed that there is room to perform further experimental tests in order to evaluate how a re-

duction in connected elements thicknesses and slenderness of dowels would impact the ductility
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and strength degradation of ring-doweled joints. Such tests, along with the methodology pro-

posed in this work, could contribute to propose new design values and detailing requirements

to moment-resisting joints, in future works. Further investigations will also incorporate multi-

record incremental analysis in three-dimensional models. The effect of ground motion direction

and time duration will be studied also in a probabilistic approach. In addition, the variability

on the responses observed during this study also indicates that more experimental campaigns

need to be performed in the future to build a database of moment-resisting timber connections.

This would also allow for characterization of the uncertainty of the expected model parameters

used in design and their correlation with observed joint performance.

The rotational capacity of the diaphragm connections to the main lateral resisting systems is

crucial to develop mechanisms that allow the redistribution of loads after a local failure. Thus,

experimental tests shall be performed to reduce the uncertainties related with the constitutive

models used of their representation. The methodologies presented to generate fragility curves

can be included on a risk based robustness assessment that consider also the probabilities

of occurrence of different exposures, such as impacts and explosions, while considering the

direct and indirect consequences of failures. Thus, following research efforts can focus on the

quantification of those costs, while working on a reduction of the inherent model uncertainties.
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Brandner, R., Dietsch, P., Dröscher, J., Schulte-Wrede, M., Kreuzinger, H., & Sieder, M. (2017).

Cross Laminated Timber (CLT) Diaphragms Under Shear: Test configuration, Properties

and Design. Construction and Building Materials , 147 , 312–327.

Brandner, R., Flatscher, G., Ringhofer, A., Schickhofer, G., & Thiel, A. (2016). Cross Lami-

nated Timber (CLT): Overview and Development. European Journal of Wood and Wood

Products , 74 (3), 331–351. doi: 10.1007/s00107-015-0999-5

Breneman, S., McDonnell, E., & Zimmerman, R. (2016). An approach to CLT Diaphragm

Modeling for Seismic Design with Application to a U.S. High-Rise Project. In 14th WCTE

World Conference on Timber Engineering. Vienna, Austria.

Butler, T. (2016). International House Sydney. In 22. Internationales Holzbau-Forum IHF

(pp. 1–11). Garmisch-Partenkirchen, Germany.

Byfield, M., Mudalige, W., Morison, C., & Stoddart, E. (2014). A re-

view of progressive collapse research and regulations. Proceedings of the In-

stitution of Civil Engineers - Structures and Buildings , 167 (8), 447–456. Re-

trieved from http://www.icevirtuallibrary.com/doi/10.1680/stbu.12.00023 doi:

10.1680/stbu.12.00023

Byfield, M., & Paramasivam, S. (2011). Murrah building collapse: Reassessment of the transfer

girder. Journal of Performance of Constructed Facilities , 26 (4), 371–376.

Callegari, E. (2009). Caratterizzazione del comportamento di telai sismoresistenti in legno
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